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INTRODUCTION 
1. Background and Objective 
Steel box girders are often used for medium and long span continuous 
bridges. (l) In the negative moment regions over the interior supports, the 
bottom flange of the box girder is subjected to compressive forces. Because 
the bridge bending moment is normally highest at the piers and the compres-
sive strength of steel bottom flange plates are relatively low on account of 
buckling, thick steel plates with longitudinal stiffeners are necessary. 
For long span continuous box girders, a haunched profile is also often 
necessary so as to keep the compressive stresses in the compression flange 
within safe limits. 
The use of longitudinal stiffeners on haunched box girder bottom flanges 
increase the cost of fabricating the box girder. Coupled with the relatively 
inefficient utilization of strength of steel with respect to its yield 
strength, this condition results in very high cost of steel box girder. In 
addition, the haunched profile renders the erection process more difficult. 
Therefore, new arrangements for improving the efficiency of the compressive 
flange in negative moment area are urgently needed. 
One approach to the solution is the utilization of a steel-concrete 
composite compression flange. The technique has been adopted for the 
. f 1 b "d . E ( 2 , )) I h construct1on o at east two r1 ges 1n urope. n one case, t e 
haunched profile of the box girder was .maintained. (2) In the other case, 
the construction procedure for the roadway deck was the main feature. In the 
United States, at least one bridge has been designed, at the time of this 
report, incorporating a steel-concrete composite compression flange in the 
negative moment region. 
The primary objective of this study is to examine the possibility of 
using composite compressive bottom flanges in continuous steel box girders, 
with the goal of improving the efficiency of the steel flange plate and 
eliminating or reducing the height of the haunches. 
1 
2. Scope and Approach of Study 
The factors which may influence the strength of the steel-concrete 
composite compression flanges include the following: 
o Thickness and width of steel plate. 
o Thickness of concrete slab. 
o Spacing of shear connectors. 
o Strength and weight of concrete. 
o Amount of reinforcement, if needed. 
o Spacing of longitudinal stiffeners, if needed. 
o Shrinkage and creep of concrete under long term compression. 
From the standpoint of cost, a desirable design of the negative moment 
area of a continuous steel box girder would incorporate a moderate thickness 
of unreinforced concrete slab joined by shear connectors to a steel bottom 
plate of usual thickness, without the use of longitudinal stiffeners or 
haunch. Consequently, neither the use of reinforcement in the concrete slab 
nor the use of longitudinal stiffeners was examined. 
The approach of the study consisted of the following steps: 
(1) Examination of the feasibility of elimination of box girder 
haunches through the adoption of composite compressive bottom 
flanges. Both strength and cost were considered. 
(2) Evaluation of strength of composite compression flanges as 
components in the negative moment region of steel box girders. 
(3) Testing of steel-concrete composite panels in compression. 
(4) Testing of a box girder segment with a composite compressive 
bottom flange. 
The results of these steps were examined and used as a basis for the 
formulation of recommendations for designing composite compressive bottom 
flanges for steel box girders. 
2 
FEASIBILITY STUDY 
1. Reduction of Haunches 
a. Review of "Benchmark" Designs. The feasibility study was conducted 
using the final plans of three continuous steel box girder bridges. These 
designs are: 
o West Seattle Bridge. 
o Columbia River Bridge. 
o Tennessee Tombigbee Waterway Bridge. 
The general plan, elevation, cross section, and some details are shown in 
figs. 1 to 10. Some geometrical dimensions are listed in table 1. Each of 
these bridges has its own specific features such as rectangular or trape-
zoidal boxes, double or single boxes, etc. For the objectives of this study, 
the most important dimensions are the depth of the boxes (D and D ) and the 
c p 
thickness of the ~attorn flange steel (tB). 
Because the West Seattle Bridge has the longest span, highest depth 
at pier, highest haunch ratio of depth at pier to depth at center of span 
(HR = D /D ), and the widest bottom flange, it is chosen for a more intensive p c 
examination. The results from altering this original or "benchmark" design 
were then used as guidance for studying the other two bridges. 
Results of a parametric study on the effects of haunch dimensions and 
thickness of steel plates without concrete slab on the bottom flange are 
shown in figs. 11 and 12. (4 ) In these figures, the stresses in the bottom 
flange are plotted against the haunch ·ratio (HR). The solid lines indicate 
the compressive stress in the bottom flange over the pier; the dotted lines 
are for tensile stresses in the bottom flange at midspan. Figure 11 shows 
clearly that, for any haunch ratio, an increase in the thickness of bottom 
flange plate leads to a decrease of the bottom flange stresses. Increasing 
the girder depth at the pier without changing the depth at midspan, thus 
increasing the haunch ratio, also results in a reduction of stresses in the 
bottom flange. Figure 12 shows the same effect of increasing haunch ratio 
3 
on bottom flange stresses for different web plate thickness. It also depicts 
the insignificant effect of changing web thickness. 
From the decreasing slope of the curves in these figures, it can be 
concluded that a large difference between box girder depth at the pier and 
at midspan (that is, a large haunch ratio) is not an efficient way of 
achieving low stresses in the bottom flange steel compression plate. A 
moderate haunch ratio, combined with a thicker bottom flange plate, is more 
efficient. 
b. Haunche~~~~ Girders with Compressive Composite Bottom Flange. When 
a concrete slab is added to the bottom flange steel plate over the piers and 
the two materials work compositely, steel stresses are affected in two ways. 
First, the composite compression flange contains more materials, and is 
equivalent to a thicker flange plate, which causes steel stresses to decrease. 
Secondly, the composite flange reduces the possibility of buckling of the 
steel plate, and increases the usable level of stress of the steel. The 
combination of these effects could reduce the height, or even eliminate the 
need, of a haunched profile for the box girder bridge. 
The influence of concrete slab thickness and length on the stresses in 
haunched box girders was examined by changing the dimensions of the bench-
mark design. The results are shown in figs. 13 to 15. For these figures, 
a concrete strength of 4,000 psi (n = 8) was assumed. 
Figure 13 shows the effects of concrete slab.thickness and girder haunch 
ratio on the bottom flange stresses. For this comparison, the thickness of 
steel bottom flange was held constant at 1 inch, and the concrete slab was 
assumed to taper from a maximum thickness at the pier to zero at about 5/16 
of the center span and 5/8 of the side span. With complete composite action 
between the concrete slab and the steel plate, the box girder has an 
equivalent bottom flange thickness higher at the pier and lower at midspan. 
The resulting stress versus haunch ratio relationship is similar to that for 
the steel box without concrete slab (fig. 11), but the stress over the pier 
is much lower. 
4 
Obviously, a concrete slab 2 ft or 3 ft thick is very heavy and may 
exceed the bending capacity of the steel flange plate, which must support 
the concrete before the latter hardens. This problem will be discussed in 
the report. The important conclusion- drawn from figs. 11 and 13 is that the 
adoption of a nonuniform thickness bottpm flange, with thickness tapering 
towards the center of the span, will reduce the need of a high haunch ratio. 
The utilization of concrete and composite flange can provide equivalent steel 
plate thickness higher than those of commercially available steel plates. 
These observations confirm favorably the concept of composite bottom flanges 
for long span continuous steel box girders. 
The effects of concrete slab length and haunch ratio are summarized 
in fig. 14 for a maximum slab thickness of 2 ft over the piers. Reducing 
the concrete slab length decreases the compressive stress in the bottom 
flange over the pier and increases the tensile stress in the bottom flange at 
midspan. The magnitudes of these changes, however, are quite small. The 
thickness of bottom flange at a cross section between the pier and the center 
of span affects the stresses of the cross section, but has only minor 
influence on the stresses at the pier and at the center of span. 
Because placement of concrete slab over the bottom flange in the 
negative moment region while reducing the haunch ratio increases the tensile 
stresses in the bottom flange of the positive moment region, the box girder 
depth at midspan may need to be increased. The effects of increasing midspan 
depth (D ) are shown in fig. 15. The stresses at both the pier and midspan 
c 
are reduced with an increase of depth D . However, the reduction of stresses 
c 
at the pier is rather small. 
It can be seen from fig. 15 that for the geometrical configuration and 
dimensions studied a constant depth box girder can be selected for which 
both the compressive stress and tensile stress in the bottom flange are 
within those of the original benchmark design. 
c. Constant Depth Box Girders, Alternative Designs. Among the three 
example steel box girder designs for examination in this study, the West 
Seattle Bridge and the Columbia River Bridge have haunched profiles whereas 
5 
the Tennessee Tombigbee Waterway Bridge is of constant depth. Based on the 
results of evaluation in section b above, the advantage to be gained by the 
addition of a concrete slab to the bottom compressive flange would be 
expected to be greater for the West Seattle Bridge and the Columbia River 
Bridge. 
A number of alternative designs of each of the three bridges were 
examined with varying geometric parameters and component sizes. The 
analysis of these alternative designs was made using the load-factor design 
approach. The conditions and assump.tions associated with the analysis were 
the following: 
o Yield strength of steel: 
o Concrete Strength: 
F y 
f' 
c 
(n 
50 ksi 
4000 psi 
8) 
o The top flange of the original design is adequate for the 
alternative d~signs. 
o Buckling of the bottom compression flange in the negative moment 
region is prevented by the addition of the concrete slab. 
o Steel reinforcing bars, if used in the bottom flange concrete 
slab, have little effect on the overall behavior of the box girder. 
o The concrete slab is in complete composite action with the steel 
bottom flange. 
o Flexural stresses dominate; torsional stresses due to live loads 
are minor and neglected. 
(1) West Seattle Bridge 
The benchmark design of the three-span West Seattle Bridge has a haunch 
ratio of (D /D ) = 2.16 and a steel bottom flange thickness of 2 in over the p c 
piers. The bottom flange stresses are computed to be 32.7 ksi and 47.9 ksi, 
respectively at the pier and in the middle of the center span of the bench-
mark design. A few trial designs for constant depth boxes are made by 
increasing the midspan depth and the bottom flange thickness without the 
addition of concrete slab. Additional alternative designs are made with the 
addition of a concrete slab. The results of all these trials are listed in 
table 2. 
6 
Examination of the computed bottom flange stresses reveals that the 
alternative designs without bottom flange concrete slab (trial 1 to 6) all 
have bottom flange compressive stresses higher than that of the original 
design. When the yield stress is not exceeded, increased bottom flange 
compressive strength is achievable by appropriate arrangement of longitudinal 
stiffeners. Trials 2, 3, and 6 could therefore be considered as acceptable 
designs with constant box girder depth. 
Trial 7 is similar to trial 1 but includes an 18-in bottom flange 
concrete slab. Addition of the slab increases dead weight and slightly 
increases the stresses in the bottom flange. With the concrete slab, the 
strength of the composite flange at the pier should be higher. The tensile 
stress, however, exceeds the steel's yield strength. This trial design is 
therefore not acceptable. 
Trial 8 incorporates the same dimensions of components as trial 7, 
but has a greater depth. Stresses in the bottom flange are lower than those 
of the original design. The estimated midspan deflection is within the 
guideline of 1/800 of the span. This trial design is acceptable but the 
component dimensions may be slightly reduced. 
Trials 9 to 15 adopt different combinations of box girder depth, 
concrete slab length, and bottom flange plate thickness at midspan. All have 
the original steel plate thickness of 2 in over the pier and a 1.5 ft (18 in) 
depth of concrete directly above. All except trial 12 have bottom flange 
compressive stresses lower than that of the original design and bottom 
flange tensile stresses at midspan within the yield strength of 50 ksi. 
Therefore, trials 9 to 11 and 13 to 15 are possible alternative designs. 
For all possible alternative designs, a further reduction of the 
concrete slab thickness may be possible. A reduction of concrete thickness 
alone is accompanied by an increase of compressive stress in the composite 
bottom flange and a slight increase of tension stress in the steel bottom 
flange at midspan, (see fig. 13). However, without knowing the strength 
of the composite compression flange, reduction of the concrete slab 
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thickness (for example, to 15 ~n) is not fully justified. What is important 
is that, not only the elimination of the haunches is possible but there are 
also different combinations of component dimensions for fine adjustment of 
stresses in these components of the constant depth box girder. 
The question to be answered, therefore, is whether elimination of the 
haunches is economical. A comparison of approximate cost is presented 
later. As a preliminary comparison, the weight of the possible alternative 
designs are examined. Trial 14, with a constant depth of 15 ft and the 
shortest length of concrete slab in the bottom flange, has the lowest weight. 
However, in consideration of uncertainties such as the strength of composite 
compression flange and the influence of box girder depth on pier top 
elevation, trial 11 is chosen for the subsequent discussions in this study. 
The dimensions of the chosen alternative design are shown in fig. 16, 
and in table 4. 
(2) Columbia River Bridge 
The original version of this five span bridge design adopts a haunched 
profile with a box girder depth of 16 ft at the first piers and 21 ft-4 in 
at the interior piers. The depth at center of span is 10 ft-4 in so the 
higher haunch ratio is 21.3/10.3 = 2.06, a fairly high value comparable to 
that of the West Seattle Bridge. The center span has a length of 450 ft. 
The cross section of the bridge is a twin-cell single box of trapezoidal 
_shape. The total width of the steel bottom flange is 357 in, 178.5 in for 
each cell. Other dimensions of the box girder are listed in table 1. 
The bottom flange stresses in the center span are calculated to be 38.8 
ksi over the piers and 41.5 ksi at midspan. Trial designs are made with 
constant box girder depth and arbitrarily selected concrete slab thicknesses 
and lengths. The composite compressive bottom flange should have strength 
higher than that of the original 1.5 in steel plate over the piers. Con-
servatively, the original stress of 38.8 ksi is used as a reference. The 
trial dimensions and resulting bottom flange stresses are summarized intatle 3. 
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For the twelve trials, two box girder depths are used. The depth of 
10 ft-4 in is the original value at midspan whereas the 12 ft depth 
represents a small increase at midspan, but a large reduction at the interior 
piers. The concrete slab depth at the piers is assumed to be 1.5 ft or 2 ft 
as guided by the results of the West Seattle Bridge. The bottom flange steel 
plate thickness is either kept at 1.5 in or increased to 2 in. All twelve 
trials appear to be acceptable, with bottom flange compressive stress below 
the reference value of 38.8 ksi and bottom flange tensile stress at midspan 
less than the yield stress. 
Trial 9 is chosen as the alternative design for cost comparison later. 
The dimensions of this trial design are shown in fig. 17. Some dimensions are 
also listed in table 4 with those of the alternate design of the West Seattle 
Bridge. 
(3) Tennessee Tombigbee Waterway Bridge 
The original design of the three-span Tennessee Tombigbee Waterway 
Bridge uses a twin-box arrangement with a trapezoidal cross section and a 
constant depth (12.5 ft) over the entire length of the bridge. The center 
span is 420 ft long and the side spans are 200 ft. The bottom flange plate 
is 2 in thick over the piers and 1.375 in at midspan. These data are listed 
in table 1. 
As discussed earlier, deeper girder depth and thicker flange plate at 
the pier are used for the purpose of maintaining flange stresses within 
permissible limits. For the Tennessee Tombigbee Waterway Bridge, the use of 
a thicker flange plate alone is sufficient to achieve this goal. Therefore, 
addition of a concrete slab is not as advantageous as for the other two 
bridges. 
Table 5 lists the geometrical dimensions of the box girder and concrete 
slab for nine trial designs. Trials 1 and 2 add concrete slab to the bottom 
flange of the original design, thus reducing the bottom flange stresses. This 
is not necessary. Trials 3 to 9 combine a thinner uniform thickness bottom 
flange steel plate with a concrete slab, resulting in the condition that the 
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midspan bottom flange tensile st~esses are highe~ than the yield strength. 
Other trials can be made but are not :expected to improve on the original 
design. 
In comparing the results of analysis of the Tennessee Tombigbee 
Waterway Bridge with those of the other two bridges, it confirms that the 
addition of concrete is efficient for reduction of haunches. If the strength 
of the composite steel-concrete compression flange can be estimated 
accurately and utilized fully, alternative designs can be even more efficient. 
2. Effects of Concrete Propert~es arid Slab Casting 
The alternative designs of the sample bridge designs demonstrate the 
possibility of reduction and elimination of haunches. The effects of 
concrete properties and concrete slab casting must also be examined to ensure 
the feasibility of utilizing the composite compression flange. 
a. Effects of Strength and Weight of Concrete. The strength and weight 
of concrete are expected to have some effect on the stresses in the steel box 
girder components. Different strength arid weight of concrete of the same 
thickness over the bottom flange of the negative moment region result in 
slightly different equivalent thickness ·of the composite compression flange 
and corresponding stresses in the flange. 
To confirm this, two different concrete strengths and two different 
weights of concrete are used for the alternative design of the West Seattle 
Bridge. The computed bottom flange stresses are listed in table 6. The 
effects of creep and shrinkage will be considered later. 
In this table, the case with 4000 psi normal weight concrete is the 
alternative design of table 4. An increase in concrete strength from 4000 
psi to 6000 psi reduces the compressive stress in the composite flange by 
about 10 percent and changes the tensile stress at the bottom flange of mid-
span very little. The use of lightweight concrete changes the weight of the 
concrete slab about 20 percent, but has very little effect on the total weight 
of the bridge and the dead load bending moments. The lower modulus of 
elasticity of lightweight concrete caused a pronounced change in the modulus 
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ratio n. The net result is that lightweight concrete causes higher 
compressive stresses in the composite flange. There is no advantage of using 
lightweight concrete for the box girder segments. 
b. Effects of Concrete Slab Placement. Various procedures are possible 
for the placement of concrete onto the bottom flange steel plate. The 
concrete could be cast directly on the plate, or precast planks could be 
attached. In addition, the placement of concrete could take place either 
before or after the erection of the steel box segment. There are advantages 
and disadvantages for each of these alternatives. The selection for any 
given bridge obviously depends upon the geometry and location of the bridge 
as well as the capabilities of the fabrication and construction team. 
A detailed study was made on the bottom flange compressive stress in 
the alternative design of the West Seattle Bridge. The direct casting of 
concrete on the steel plate after erection was selected for the examination 
since this procedure was believed to cause the most severe stresses during 
construction. The stages of construction were assumed to be a successive 
addition of box segments from a pier, formin~ a balanced double cantilever. 
A bottom flange concrete slab is added to a box segment following the 
attachment of the next box segment. The sequence is illustrated in fig. 18. 
Following this sequence of construction, the bottom flange steel plate 
alone would carry stresses caused by the weight of two steel box segments, 
then additional stresses due to the wet concrete. At all later times, the 
steel plate combines with the concrete slab to form a composite compression 
flange. 
The computed stresses in the bottom flange due to the weight of two 
steel box segments are listed in table 7. The stresses due to these box 
segments plus wet concrete are given in table 8. The computed stresses in 
the composite bottom flange under subsequent loads are summarized in table 9. 
These computed values also include the influence of a crane of 40 ton total 
weight, as illustrated in the tables. 
Obviously, the strength of the bottom flange (steel plate or composite) 
must be adequate at all times to withstand the contemporary loads. The 
computed stress requirements in tables 7, 8, and 9 indicate that no serious 
difficulty is expected. 
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c. Effects of Shrinkage and Creep. The long term shortening of the 
concrete slab due to shrinkage may cause separation of the concrete slab from 
the transverse diaphragms, thus changing the nature of loading in the composite 
bottom flange. The long term shortening of the concrete slab due to creep is 
expected to transfer stresses from the concrete slab to the steel flange plate. 
Several factors influence these long term effects. The concrete slab 
is placed on the steel flange plate and between the webs, longitudinal stiff-
eners and transverse diaphragms, resulting in only an exposed top surface. 
This condition and the relatively constant and moderate humidity inside the 
steel box girder inhibit the evaporation of moisture from the concrete slab. 
The rates of shrinkage and creep are reduced. Also, the stresses in the 
concrete slab are gradually increased as additional box girder segments are 
attached and additional concrete slabs are casted. Appropriate scheduling of 
erection of steel boxes and placing of concrete can lead to not only lower 
stresses in the compressive bottom flange, but also more favorable effects of 
shrinkage and creep. 
Under nominal conditions, the long term shrinkage and creep coefficient 
(5,6) 
are estimated from the expressions 
and 
where 
c 
u 
c 
u 
V/S 
v 
-0.12(-8) 1080 
e 
v 
e
-0.54(-8) 1.8 + 1.77 
= long term shrinkage for concrete, after moisture 
curing for 7 days, in 10-6 in/in . 
creep coefficient 
= effective volume to surface ratio (in) 
(1) 
(2) 
Correction factors are applied to the estimated values to account for humidity 
and other factors. 
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For the composite bottom flange of the alternative design of the West 
Seattle Bridge, the concrete slab is 18-in thick, hence V/S = 18 in. 
Assuming that the relative humidity is 70 percent, the correction factors for 
(6) 
shrinkage and creep are 0.70 and 0.80, respectively. The long term 
shrinkage is then from equation (1): 
(1080 e-0 · 12 x 18 )(0.70)(1.2) 
105 x 10-6 in/in 
The factor 1.2 accounts for shrinkage during the first seven days. 
Under the full factored load of the completed bridge, the maximum 
compressive stress in the composite bottom flange is 29.4 ksi over the piers 
(table 2). The stress in the steel plate at the time of placing concrete is 
3.1 ksi (table 8). Therefore the increase of stress in the steel plate of 
the composite flange is 29.4 - 3.1 = 26.3 ksi and the corresponding concrete 
stress is, using a modular ratio of 8 for 4000 psi concrete, 
I 
26.3/8 = 3.29 ksi < 0.85 f 
c 
Under service load conditions, the stress in the steel plate is about 29.4/1:5 
= 19.6 ksi and the concrete stress is 19.6/8 = 2.07 ksi. The total axial load 
in the composite flange is 
Ff = 19.6 X 2 + 2.07 X 18 = 76.5 kips/in 
Because the stresses in the steel and concrete components are gradually 
increased according to erection scheme as shrinkage and creep take place, a 
smaller permanent force of 40 kips/in is used in the following evaluation of 
long term behavior of the composite flange. 
Acomposite = (18/n) + 2 = (18/8) + 2 
4.25 in2/in 
Stress in steel plate 40/4.25 
9.4 ksi 
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Strain in steel = 9.4/E = 325 x 10-6 in/in 
s 
This estimated average strain in the steel plate is considerably larger than 
the maximum long term shrinkage strain of 105 x 10-6 in/in for the concrete 
slab. Therefore, for the completed bridge, shrinkage gap will not develop 
between the concrete slab and the transverse diaphragms. 
The long term creep coefficient is estimated from equation 2. 
C = (0.8)(1.8 + 1.77 e - 0 · 54 x 18 ) = 1.44 
u 
A correction factor of 0.8 is applied for the 70 percent relative humidity. 
The long term modulus of elasticity for the concrete is then: 
E E /n 
c s E 
ct 1 + c 1 + c (3) 
u u 
29 X 106/8 6 
1 + 1.44 1.49 X 10 psi 
The total concrete strain, including shrinkage and creep, is 
£ 
c 
0 ' 
+ _c_ 
£sh E 
ct 
0 ' 
105 x 10-6 + __ c __ 
E 
ct 
(4) 
in which 0 ' is the long term stress corresponding to £ ' • From compatibility 
. c c 
of strains between the components of the composite flange, 
£ £ 
c s 
0 ' 0 ' 
105 10-6 +-c- s X = E E 
ct s 
(5) 
and from equilibrium, 
A 0 + A 0 Ff c c s s (6) 
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Equations 5 and 6 combine to give 
a 0.60 ksi = 600 psi 
c 
a 14.6 ksi 
s 
The total strain in concrete is, by equation 4, 
E 
c 
105 X 10-6 + 600 -6 = 510 x 10 in/in 
1.49 X 106 
The total long term concrete strain is 
(510 - 325) x 10-6 = 185 x 10-6 in/in 
The long term concrete strain of this magnitude is not expected to present 
performance difficulties to the composite flange. 
It must be pointed out, again, that the above estimates of shrinkage 
and creep strains probably are high. The phenomenon of shrinkage and creep 
of composite steel-concrete compression plate cannot be studied within the 
time frame of this investigation. The calculations given above only serve as 
preliminary information for this feasibility study. The conclusion is 
positive that cast-in-place composite steel-concrete compression flange in box 
girders can be developed. 
Using precast concrete slabs as the concrete component of the composite 
flange would reduce the amount of shrinkage and creep strains from those of 
cast-in-place slabs. Although the use of precast concrete slabs requires 
grouting of shear connector block-outs in the slab for positive attachment, 
the advantage of reduced shrinkage and creep may outweigh the uncertainty of 
shear connector blocks. 
3. Cost Comparison 
The primary purpose of revising the three sample bridge designs is to 
achieve efficient and economical proportioning through the use of composite 
concrete slab on the bottom flange steel plate in the negative moment region. 
Whereas it has been demonstrated that efficiency can be gained, the economy of 
the scheme is not easily assessed. 
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The total cost of a bridge is the sum of costs for various materials 
and for labor of fabrication, transportation, and erection of all parts. The 
differences between an "original" design of a bridge and its alternative 
design includes not only the profile and height of the continuous box girder, 
thus the amount of material and labor for the superstructure, but also the 
elevation of the pier top. The reduction or elimination of the haunch over 
the piers necessitates the increase of pier height in order to maintain the 
appropriate clearance or navigational channel. 
Without spending excessive effort to acquire information for the 
evaluation of foundation and pier costs as part of the total cost, estimates 
are made for the total cost of the superstructure and the increase of pier 
height for the box girder bridges. Furthermore, instead of estimating costs 
by counting the weight of various materials and the man-hours required for 
fabrication, transportation, and erection, a composite unit cost for ea.ch 
fabricated material is assumed. By employing a wide range of unit prices 
according to current market conditions, (7) it is believed that. f.:tir 
comparisons can be made on cost of the original and alternative designs. 
Tables 10 and 11 list the cost estimates for the original and 
alternative designs of the West Sea.ttle Bridge and the Columbia River Bridge. 
No structural advantage is found in using composite compression flanges in the 
Tennessee Tombigbee Waterway Bridge design, so no alternative design is made. 
For the West Seattle Bridge, trial 11 (table 2) is chosen as the 
alternative "new" design of the twin boxes of rectangular cross-section. 
The total weight of the steel portion is estimated to be 7027 kips as compared 
to 7270 kips for the original or "old" design. The composite compression 
flanges require 170 cubic yards of concrete and the added height of the piers 
need 17 cubic yards. Table 10 provides a variety of unit costs for fabricated 
steel and concrete portions, and lists the estimated total costs in the last 
column. 
Because of the elimination of haunches, the fabrication of the steel 
box girder segments is very much simplified. The transportation and erection 
of uniform depth box segments are also much easier than of the haunched 
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segments. Therefore, the unit cost of the new steel superstructure is 
expected to be lower than that of the old, original superstructure. Cases 
1, 2, 5, and 7 in table 10 assume this condition. Cases 3, 4, 6, and 8 assume 
that the unit price is the same for the new and the old. The concrete in the 
steel boxes is assumed to be without reinforcement and that concrete for the 
pier requires special formwork. Therefore, the prices are different. 
For all unit cost combinations, the total cost of the new alternative 
design is lower than the original design. 
In the case of the Columbia River Bridge the original design has a 
trapezoidal, single box, twin-cell cross section. Constant depth trial 9 is 
chosen as the alternative design on the basis of lowest weight. The original 
design, with 5/8 in bottom flanges at midspans, is lighter than the new, 
alternative design. In addition, concrete is needed in the box and for the 
increased pier height. However, the change from a haunched profile to that of 
a uniform depth significantly reduces the cost of steel fabrication. The unit 
price for steel is expected to pe much lower for the alternative design. 
Cases 3, 4, 6, and 8 of table 11 compare the total cost of the 
Columbia River Bridge designs on the basis of equal unit price for steel, 
fabrication, transportation, and erection. For these cases, the alternative 
new design is higher in cost. Cases 1, 2, 5, and 7 assume a lower unit price 
of steel superstructure. The resulting cost is lower for the new design. 
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STRENGTH OF THE BOTTOM COMPRESSIVE FLANGE 
1. Strength Of Steel Fla~e Plates 
Dependent upon the procedure for the fabrication and erection of the 
bridge superstructure, the IDnst critical condition for the bottom compression 
flange may occur either before or after the placement of concrete. The 
compressive stresses in the bottom flange were calculated at several stages 
assuming insitu placement of concrete after erection of bare steel box 
segments. Tables 7, 8, and 9 list stresses at three critical stages. It is 
necessary to examine the strength of the bottom flange system at these same 
stages. 
The first possible critical stage · occurs just before the placing of 
concrete, when the steel plate alone acts as the compressive flange of the 
box girder. The strength of steel plate with respect to buckling and yielding 
under direct in-plane compression is readily estimated by existing or prqposed 
design regulations as follows: 
o Present AASHTO Specifications, Article 10.51.5. (8) 
For E. < 6140 
t-~ 
y 
F 
u 
F y 
For 6140 < E_ < 13300 
I"F-t-rF 
y y 
F 0.592 F (1 + 0.687 y u 
13300-
where c = 
For E_ > 13300 
t- IF 
y 
7160 
~IF 
t ·y 
sin CTI) 2 
18 
(7) 
(8) 
lOS . 6. 
F = x 10 
u (b/t) 2 
in which b = width of bottom flange plate between the 
webs (in) 
t = thickness of the steel plate (in) 
F = yield strength of the steel (psi) y 
F compressive strength of the plate (psi) 
u 
o Proposed Specification, Section 1.7.205. (9 ) 
For A 1 < 0.65 p -
F F 
u y 
For 0.65 < A 1 < 1.5 p -
. 2 
Fu = Fy [0.50 + 0.43 (Apl- 1.73) ] 
For A 1 > 1. 5 p -
F 
u 
in which 
~J~ ~ b/t J~= b/t Apl F 1.9 E 10230 
cr 
v"F' y 
F = elastic buckling stress of p·late pane·! 
cr 
K = plate buckling coefficient (K = 4 for 
simply supported panel) 
E modulus of elasticity of steel = 29,000,000 psi 
19 
(9) 
(10) 
(ll) 
(12) 
Figure 19 compares the above provisions for a steel with F of 50 ksi, y 
It is clear that plates with large widthFto~thickness ratios (b/t) have low 
compressive strength on account of buckling, and also that the present rule 
(equation 9) is more conservative for this range. As long as the actual 
compressive stresses in the plate remain below the compressive strength, there 
is no need for longitudinal stiffeners. 
As an example, in table 7 are listed the computed stresses in the 
bottom flange steel plate in the alternative design for the West Seattle 
Bridge. The highest stress listed is 3.8 ksi, which is much lower than the 
most conservative estimate of compressive strength of 7.3 ksi by equation 9. 
Therefore, longitudinal stiffeners are not needed. Similar conditions exist 
for the Columbia River Bridge. 
2. Strength Of Compression Flange ~teel Plates Under Wet Concrete 
When wet concrete is placed onto a compression flange steel plate, the 
weight of concrete causes the plate to bend, generating additional stresses. 
This loading condition of the steel plate is idealized in fig. 20 in which p 
is the in-plane loading and q the lateral load from the wet concrete and the 
steel plate itself. The boundary conditions along the plate length, a, and 
width, b, depend on the conditions of the adjacent components of the box 
girder. Conservatively, all edges can be considered as simply supported. 
There exists in the literature only very limited information for solving 
this problem. Approximate solutions can be obtained by using the curves of W. 
Griffel. (lO) These curves are shown in fig. 21. Two designs of the bottom 
flange in the alternately designed West Seattle Bridge are examined as 
examples, one without longitudinal stiffener and the other with such 
stiffeners for the compressive steel plate. 
a. Without Longitudinal Stiffener. 
Thickness of steel plate, t . = 2 in 
s 
Thickness of concrete, t 
e 
Plate panel length, a 
18 in 
177 in 
20 
Plate panel width, b = 240 in 
b/t = 120 s 
a/b = 0.74 
F 50 ksi y 
Plate buckling stress without lateral load, 
F 
cr 
For K 4.0, 
F 7.3 ksi 
cr 
The lateral load, 
tc 150 ts 490 
q = U X 144 + 12 X 144 
2.13 psi 2.13 x 10-3 ksi 
From table 8, maximum plate stress due to wet concrete: 
a = 3.2 ksi 
xl 
a 1/F = 3.2/7.3 0.44 x cr 
Extrapolating from fig. 21, 
Therefore, 
= 0.06 
0.60 
0.40 
Maximum lateral deflection, w 
max 
22 
= Sx 2 = 18.4 ksi 
t 
21 
(13) 
1.8 in 
Maximum longitudinal stress, Oxmax = oxl + ox2 
Maximum lateral stress, 0 ymax 
21.6 ksi < F y 
12.3 ksi < F y 
(14) 
(15) 
The above computations indicate that the bottom flange plate of the 
alternatively designed West Seattle Bridge is adequate with respect to 
placement of wet concrete. However, the lateral (downward) displacement of 
1.8 in at the center of the flange plate is about equal to the thickness of 
the plate, and could be considered not acceptable. Consequently, longitudinal 
stiffeners may be desirable. 
b. With Longitudinal Stiffeners. The addition of longitudinal stiff-
eners to the bottom flange results in a stiffened compression plate, of which 
there is no simple and ready solution for combined in-plane and lateral 
(11) lo.ads. One logical approximation is to consider (1) the steel plate 
between longitudinal stiffeners as supported by elastic beams and (2) the 
stiffeners with part of the steel plate (the effective width) as beam-columns. 
(1) Steel Plate Between Stiffeners 
The elastic buckling coefficient, K, of plates with boundary elements 
can be evaluated by the following formula. (l2) 
= 4 (1 - 1.5 K 2y - so) min (16) 
A 
in which 0 s bt 
EI 12 (1 ~ i) I 
s s y = D b b t 3 
(17) 
22 
A = area of longitudinal stiffener along length a (see fig. 20) 
s 
I = moment of inertia of the longitudinal stiffener 
s 
D 1 E t3 plate stiffness = --------
12 (1 - v2) 
Assuming one such longitudinal stiffener, of STlO x 48 cross section, to be 
placed at midwidth of the plate, the strength of each half panel is evaluated 
below. The geometrical properties are: 
b 120 in 
t 2 in 
s 
A 14.1 in 2 
s 
I 143 in 3 
s 
Accordingly, 
A 
0 = ~ = bt 0.059 
y 
K . 
m1.n 
F 
cr 
12 (l 2 - v )I 
s 
bt 3 
l. 63 
= 4 (1 1.5 ) = 
- 2y - 86 
'i 2 12 (1- v )(b/t) 
3.2 
13.5 0.24 
a/b 177/120 1.475 
1.85 
13.5 ksi 
23 
From fig. 21 
a 0.11 
B 0.40 
X 
B 0.60 y 
Consequently, the maximum lateral deflection is, 
and 
w 
max 
a 
xmax 
a ymax 
axl + 
3.2 + 
0.21 in 
ax2 
B 
X 
b2 ~= 6.3 ksi < 2 t 
4.6 ksi < F y 
F y 
These results indicate that the deflection of the steel plate under concrete 
would be about one-tenth of the plate thickness, and the maximum stresses in 
the steel plate are quite low. If the strength of the longitudinal stiffener 
is confirmed to be adequate, then the geometrical condition of the flange and 
the sequence of construction are acceptable. In fact, it may even be possible 
to cast concrete in two consecutive segments simultaneously, providing flex-
ibility of construction scheme. 
(2) Beam-Column Strength 
The elastic strength of the longitudinal stiffener acting as a beam-
(13) 
column can be evaluated using the following interaction formula. 
M
0 
1 + 0.0281 (P/PE) 
M [ 1 - (P/P ) ] y E 
1 
24 
(18) 
q lateral load 
M yield moment = S F y y 
P maximum axial force corresponding to q 
PE = Euler's buckling load 
P A F y y 
p 
Equation 18 can be solved for p , resulting in 
E 
in which 
M p p 
0.0281 Mo ~ + 1 + _y 
y E PE 
The strength of the stiffener in terms of average compression stress is 
F 
u 
(19) 
(20) 
(21) 
(22) 
For the alternately designed West Seattle Bridge compression flange with an 
STlO x 48 stiffener, and an assumed effective plate width b = 60 in, 
e 
I = 995 in 4 
S 96.5 in3 
M 1/8 X (2.13 X 10-3) X 1772 = 500 k-in 
0 
M y SF y 96.5 x 50 = 4825 k-in 
25 
M 
0 
M y 
A 
0.104 
= A + t b = 14.1 + 2 x 60 
s s e 
3 9.1 x 10 kips 
134.1 in2 
p 134.1 X 50= 6.7 X 103 kips y 
p 
_:]_ 0.74 
PE 
al = 0.0281 X 0.104 X 0.74 + 1 + 0.74 1. 74 
a 2 (1- 0.104) 0.74 = 0.663 
F 
u 
9.lxl03 I 2 2 2 X 134 . 1 (1.74- {1.74 - 4 X 0.663) = 20.8 ksi 
The maximum stress in the steel plate caused by the weight of concrete is 3.2 
ksi (table 8), which is only a small fraction of the estimated strength of the 
stiffener beam column. If concrete slabs are casted in two consecutive segments 
simultaneously, the maximum stress was calculated to be 5.7 ksi, still well 
within the strength of the beam-column. 
3. Strength Of Steel-Concrete Composite Compression Flanges 
A fully composite steel-concrete compressive bottom flange panel may 
have two different end conditions: The concrete slab may extend the full 
length of the flange panel and bear directly on the transverse diaphragms. 
Alternately, small gaps may exist at the ends, and the concrete slab does not 
bear on the diaphragms. The latter case is expected to be more common since 
it would be the consequence of concrete shrinkage, as well as the situation 
when precast concrete planks are used without grouting between the slab and 
the diaphragms. 
a. Concrete Slab In Bearing. When the concrete slab is in bearing, the 
slab and the steel plate both are subjected to box girder compressive flexural 
strain at the ends of the flange panel. Each material is subjected to axial 
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compressive force. As long as the strain differential is small, the composite 
flange may be regarded as an axially loaded member. 
However, the composite compression flange is initially deflected down-
ward, because of the weight of the concrete. Under additional dead and live 
loads, the axial forces in the compression flange and the initial deflection 
produce a bending moment in the composite flange. This condition changes the 
distribution of stresses in the concrete slab and the steel plate, and the 
strength of the composite flange needs to be examined. Unfortunately, there 
is no available procedure or rules for such strength evaluation. A very 
conservative approach is to ·consider the composite flange as a composite beam 
with initial deflection. The strength of such a member can be evaluated 
h h h f h f . . 1 (11, 13) F. 22 t roug t e use o t e orce-moment 1nteract1on enve ope. 1gure 
shows schematically this concept. 
For the alternative design of the West Seattle Bridge, the initial 
plate deflection induced by the wet concrete is 1.8 in, if no longitudinal 
stiffener is used. The maximu~ compressive stress in the steel plate before 
placing of concrete is 3.1 ksi (table 8). The maximum compressive stress 
after the completion of the bridge structure occurs over the pier, with a 
magnitude of 29.4 ksi (table 2). Therefore the increase of steel stress after 
the placement of concrete is 29.4 - 3.1 = 26.3 ksi. This generates a 
resultant force of R = 19,100 kips and a moment of M = 19,100 x 1.8 34,380 
k-in. Calculations based on the compressive strength of composite sections 
show that this combination of force and moment causes inelastic behavior of 
the beam-column, but is within the safe region of the force-moment interaction 
diagram. If one longitudinal stiffener is used, as discussed earlier in 
section 2b, t.he initial plate deflection is reduced to 0.21 in and the beam-
J column effect becomes negligible. 
b. Concrete Slab Not In Bearing. When the concrete slab is not directly 
bearing against transverse diaphragms or transverse stiffeners, the composite. 
compressive flange panel is eccentrically loaded at the ends. Fig. 23 shows 
this condition schematically. The end moment due to eccentricity is opposite 
to the moment caused by initial deflection. Clearly, these two conditions 
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would have compensating effects on the strength of the member. Unfortunately, 
there are no available rules or procedures for the analysis of these composite 
compression plates. 
For the purpose of comparison, the alternatively designed West Seattle 
Bridge is examined. The eccentricity between the centroid of the bottom 
flange steel plate and the centroid of the transformed composite compression 
flange (see Fig. 23) is 5.3 in. This value is almost three times the 
estimated initial deflection of 1.8 in due to wet concrete. Consequently, 
the effect of end eccentricity in nonbearing concrete slabs is expected 
to be much more pronounced than that of initial deflection due to concrete 
weight. 
It is, therefore, advisable to ensure that the composite concrete slab 
is in bearing against the transverse diaphragm member of the box girder. 
4. Shear Connector Requirements 
a. Anch~rage Of Steel Plate, Local Buckling. The composite action 
between a concrete slab and the steel compression plate below relies on 
positive connection for transfer of forces between the two materials. In the 
case of a wide flange steel beam and a reinforced concrete slab combining to 
form a composite beam, shear force is transferred through shear con-
(14, 15) 
nectars. Provisions for shear connectors in composite beams are 
included in the AASHTO Specifications and corresponding specifications in 
other countries. (8 , 16 • l]) 
When reinforced or prestressed concrete roadway decks are placed above 
compressive steel top flanges of steel box girders, the condition of shear 
force transmittal between the steel plate and the concrete deck is similar 
to that in composite beams. Shear connectors are required. At the present 
time, there exists no design.specification in this country controlling the 
design of connectors for the top flange of box girders. The British standards, 
on the other hand, consider shear lag effects in the steel plate and provide 
an expression for the estimation of the shear force to be transmitted by each 
connector. (l6 , 18 ) 
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The composite action of concrete slab on the compressive steel bottom 
flange of a steel box girder may or may not require transmittal of forces 
between the two materials. The governing factor is whether the concrete slab 
inside the box is in bearing and under direct compression simultaneously with 
the steel plate. If so, the two materials share the function of resisting 
compressive forces, and shear connectors are not needed. If not, the 
situation is similar to that of the composite compressive top flange and shear 
connectors are required. 
If the concrete slab in the bottom flange is in direct bearing with 
transverse diaphragms or transverse stiffeners, the longitudinal strains in it 
will be proportional to the distance to the neutral axis of the box girder 
cross section. As long as the stresses in the concrete slab are within the 
concrete strength limit and the steel plate provides adequate lateral support, 
the concrete slab does not need to be anchored to the steel plate below. 
The steel compression plate is subjected to axial forces and lateral 
load from the concrete slab above. The situation is similar to the case of 
wet concrete on steel plate as discussed in section 2 but with a higher 
magnitude of axial stresses in the steel plate. Consequently, the buckling 
strength of the steel plate between diaphragms or transverse stiffeners 
becomes the governing condition. Anchorage of the steel plate, is then 
necessary for the prevention of buckling of the steel plate. 
If stud connectors are employed as anchorage between the steel plate 
and the concrete slab, it may be assumed that buckling of steel plate can only 
occur locally between two lines of anchors or between individual anchors. The 
local buckling of steel plate between two lines of anchors is depicted in fig. 
24. The buckling strength can be evaluated by using equation 13, with the 
buckling coefficient K computed from the following expression for simply 
(12) 
supported boundaries. 
2 2 
K = (bm + an ) 
a bm 
m 1, 2 .. . 
n 1, 2 .. . 
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(23) 
For b > a, that is, for cases where the width of bottom flange steel plate is 
larger than the distance between two transverse lines of anchors, the 
condition m : n = 1 controls and 
2 
F = F = (~ + ~) 
y cr a b 12(1 - v) (b/t)2 (24) 
For the alternative design of the West Seattle Bridge, b = 240 in, t : 2 in, 
and, with the standard value of E 29,000 ksi and v = 0.3, the maximum 
spacing is a : 48 in in order to avoid elastic buckling between two lines 
max 
of anchors. 
For local buckling between individual anchors, the phenomenon is 
analogous to a steel plate "bubble". Two models are suggested in fig. 25, 
one assumes plate deflection but no plate rotation on the edges of the plate 
"panel" and the other assumes rotation free edges. Analytical solutions for 
these models are not available. Assumptions are made here so that some 
conservative estimates can be derived. (l9) 
o At buckling of the steel plate between the anchors, the steel 
plate panel separates from the concrete slab and the weight 
of the concrete slab does not act on the steel plate bubble. 
o The lateral deflection of the steel plate panel is small in 
comparison with the anchorage spacing. Small deflection 
theory can be utilized. 
o The in-plane pressure (p ) in the steel plate is uniformly 
distributed along the tr~nsverse edges (fig. 25) 
o Stud connectors remain in a plane. 
The solutions for the buckling coefficient, K, in the general expression 
for critical load, equation 13, are plotted in fig. 26. The lowest value of 
the buckling coefficient is K = 2.5 corresponding to a plate panel aspect ratio 
of (a/b) = 1.0 and rotation free edges (Model II). Substituting this K value, 
and the standard values of E and v into equation 13 and equating F with the 
cr 
yield strength F , the limiting plate slenderness ratio is obtained: y 
(a/t) = 8100 (25) 
IF y 
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For the alternative design of the West Seattle Bridge, the thickness of the 
bottom flange steel plate is t = 2 in and F = 50 ksi. Therefore, the maximum 
spacing of anchors is about 72 in. 
the maximum spacing is about 32 in. 
For a plate 3/4 in thick and F = 36 ksi, y 
When the steel compression plate is anchored to the concrete slab 
according to equations 24 and 25, the steel plate does not buckle between the 
anchors prior to yielding if the anchors are .not pulled out. The overall buckling 
of the steel plate alone in a segment of box girder is also prevented because 
of the anchors. The pullout strength of anchors is examined next. 
b. Pullout_.9.E_ Anchors. To prevent pullout of anchors, the strength of 
a full shear cone of concrete must not be exceeded. The full shear cone for 
a stud connector is depicted in fig. 27. The strength is defined by equation 
26 below. (l8 ) 
with 
p 
uc 
(26) 
=v'ZnL 
e 
(L + D ), the area of full conical surface (in2) 
e s 
L = embedment length of anchor (in) 
e 
D diameter of stud connector head (in) 
s 
f = concrete strength (psi) 
c 
Assuming a 4 in long stud with a 1 in head and 4,000 psi concrete, the 
cone strength is 
P 4 (/2 7T X 4 (4+1)] /4000 = 22,476 lb 
uc 
At the maximum stud spacing of 72 in by equation 25, the 2 in thick plate of 
the West Seattle Bridge exerts on each stud a downward dead load force of 
48 X 48 X 2 X 490 = 1310 lbs 
Thus, the dead load pull on each stud is much lower than the cone strength. 
The downward force at the anchors due to local buckling of steel plate between 
the anchors is not known, but is not expected to be higher than the shear cone 
strength. 
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c. Shear Connectors Spacing far Composite Compression Flange. If the 
concrete slab on the bottom flange steel plate is not in direct bearing 
against the transverse diaphragms, shear connectors are needed for transmittal 
of shear force between the steel plate and the concrete slab. The AASHTO 
provisions for composite beams and the British Standards for compressive upper 
flange decks can be used for design girders. (8 , 16 ) 
The AASHTO Specifications, Section 10.38.5, requires that shear 
connectors be spaced according to fatigue and ultimate strength of the type 
of shear connectors, with a maximum spacing (pitch) of 24 in. 
British Standards Institute BS5400 Part 5, Section 7.5.2, specifies 
that the longitudinal shear force (Q ) on a shear connector at a distance x 
X . (16) from the box girder web should be determined from the following equat1on. 
where 
Q = ~ [K (1 - ~) 2 + 0.15] 
x n b 
w 
q design longitudinal shear per unit length of 
box girder 
n = .total number of shear connectors per unit 
length within width b 
w 
K Coefficient dependent upon the concentration of 
shear connectors within 200 rnrn (8 in) from the 
web, varies from 0.85 to 3.85 
x distance from the web 
b one half of the distance• be,tween webs 
w 
(27) 
The maximum spacing is specified as 600 rnrn (24 in) which is the same 
as the AASHTO limit for composite beams. This maximum spacing of 24 in is 
adopted for the composite bottom flanges. 
For the alternative design of West Seattle Bridges, this maximum 
permissible spacing of 24 in is much smaller than the anchorage requirement as 
determined by using equations 24 to 26. Therefore, shear connectors provided 
for the development of interaction between the concrete slab and the steel 
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plate of the bottom flange a~e also sufficient for the anchorage of the steel 
plate and for the attainment of yield strength of the steel plate. 
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TESTING OF COMPOSITE PANELS 
a. Specime~~· In order to explore the behavior and strength of steel-
concrete composite flanges under compression, four panel specimens (A, B, C, 
and D) were tested. Each of the panels had a 62- by 50- by 3/8-in steel piate 
with a 60- by 48- by 3-in concrete slab which was surrounded by 4- by 3/8-in 
steel edge plates simulating the box girder webs and diaphragms. The concrete 
slab was connected to the steel plate by 2- by 1/2-in stud shear connectors. 
Figure 28 is a drawing of the specimens, fig. 29 shows a specimen in the 
testing machine (behind the bracing system). Table 12 summarizes the 
dimensions and material properties. 
The primary difference among the panel specimens was the spacing of 
shear connectors (or anchors). For a nominal yield strength of 36 ksi and 
the specimen dimensions, equation 24 shows that anchor spacing· should not 
exceed approximately 10 in in order to avoid elastic buckling of the steel 
plate between two rows of studs. Actual spacing adopted for the specimens 
were combinations of 12-in, 16-in, and 24-in as listed in table 12 and shown 
in fig. 30. 
Material properties of the specimens were obtained through standard 
ASTM tests. The yield strength of the steel plates ranged from 32.3 ksi for 
specimen B to 46.0 ksi for specimen A. Concrete strength was between 3730 psi 
and 4550 psi at the time of specimen testing. 
b. Test Setup And Loading. The panel specimens were tested in a 
vertical position in the 5,000,000 lbs testing machine. For these small-
sized model specimens, the out-of-plane bending caused by the weight of the 
steel plate and concrete slab is small and its effect on the in-plane load 
behavior of the composite panel is negligible. Loading the composite panels 
vertically permitted a much simpler setup than what would be required if the 
specimens were tested in a horizontal position. 
As discussed in the .previous chapter, the concrete slab in a box girder may 
or may not be in direct bearing against the transverse diaphragms. Therefore, 
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two loading arrangements were adopted: (1) in-plane loading applied to the 
ends of the steel plate only, and (2) loading simultaneously both the steel 
plate and the concrete slab by applying load through the centroid of the 
composite section. The latter condition was achieved by shimming and grouting 
between the machine head and base plate and the end plates of the specimens, 
as shown schematically in figure 31. Panel specimens, A, B, and C were tested 
under both loading conditions. Specimen D was only loaded "axially" or 
"centroidally" through both the steel plate and the concrete slab. 
The 4- by 3/8-in edge plates, simulating the box girder webs, provided 
very little rigidity against the out of plane displacements of the steel-
concrete panel. The longitudinal edge plates were therefore supported by a 
bracing system on both sides of the panel specimen. This bracing system is 
shown schematically in fig. 32, and also can be seen in fig. 29. Specimens 
A, B, and C were so braced. Specimen D was subject to a lateral load from the 
side of the concrete slab, therefore the bracing system was used on the side of 
the steel plate only. 
The lateral (out-of-plane) load on panel specimen D was used to ensure 
that the lateral deflection of the composite panel, when subjected to the 
in-plane load, would be toward the steel plate side. This condition 
represented the possible behavior of continual downward deflection from the 
initial magnitude (due to concrete weight on the steel plate) as additional 
bridge loads are applied. 
Another concern was the effect of the distance between box girder webs 
(or longitudinal stiffeners on bottom flange steel plates) on the behavior of 
the composite panel. This effect was examined with panel specimen C, where 
the distance between the longitudinal supports was varied from 24 in to 48 in 
for successive tests. 
The lateral deflections of the specimens were measured by dial gages, 
and the longitudinal strains by electrical resistance strain gages. Figures 
33 and 34 show the locations of the dial gages and strain gages, respectively, 
for panel specimen A. Instrumentation for the other three panel specimens 
was similar. 
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2. Results Of Testin~ 
a. Panel Specimen A. Panel specimen A was first loaded on the steel 
plate only (test Al) to a load magnitude of 300 kips without causing failure, 
then loaded centrally on both steel plate and concrete (test A2) until failure 
occurred at 1170 kips. Failure was by crushing of concrete and yielding of 
steel plate at the lower part of the specimen. Figure 35 is a photograph 
showing the failed specimen in the test machine. 
The purpose of test Al was to observe the behavior of composite steel-
concrete panels under load applied through the steel plate. Loading on the 
steel plate alone is potentially more serious than loading on both steel and 
concrete because of the eccentricity of load with respect to the centroid of 
the composite cross section. Bending of the specimen was expected to be 
toward the concrete side, as long as the initial out-of-flatness of the steel 
plate was not excessive toward the steel plate side. 
Figure 36 shows the recorded lateral deflections of the steel and 
concrete surfaces at the midpoint of the test panel. Both moved in the same 
direction and the steel plate pushed against the concrete slab at higher loads. 
The lateral supports for the panel were found to deflect with the panel. 
Test Al was not carried to failure, but only to confirm the stiffening 
and strengthening effect of concrete slab to the steel compression flange 
plate. Without concrete, the bare steel plate has a buckling strength of 290 
kips, assuming all edges fixed, and a yield strength of 675 kips based on a 
yield stress of 36 ksi. Treating the panel as a composite column under 
eccentric load (fig. 23), the limiting load capacity is approximately 200 kips 
for cracking of concrete (based on concrete tensile strength of 474 psi, 
corresponding to compressive strength of 4000 psi), and 830 kips for initial 
yield of steel. The maximum load applied in test Al was chosen to be 300 
kips, just above the 290 kip capacity of the bare steel plate. No cracking of 
concrete nor yielding of steel was observed at this load. The measured 
surface strains at midpanel were about 200 x 10-6 in/in. in concrete and 340 x 
10-6 in/in. in steel (see Fig. 37). 
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The magnitude of in-pl~ne loads corresponding to various limiting 
states for the test specimens were calculated and listed in table 13. The 
predicted strength for each test, namely, the lowest of the several limiting 
loads, is listed in table 14 together with the observed failure strength, the 
loading and supporting condition, and the mode of failure. In the selection 
of the predicted strength, the limit load for concrete cracking was 
disregarded because of the very conservative assumptions made in its 
calculation, and the very steep stress gradient through the thickness of the 
steel-concrete panel specimens. 
In test A2, the speci·men failed at 1170 kips by crushing of concrete 
and yielding of steel. The calculated limit load corresponding to this mode 
of failure was 1160 kips, while the predicted controlling mode of failure was 
local buckling between two rows of stud connectors at 1040 kips (see tables 
13 and 14). The observed failure load exceeded the computed local buckling 
limit and was almost identical with the calculated ultimate strength. 
The load versus lateral fteflection data of test A2 are plotted in 
fig. 38. The lateral deflection at midheight of the "axially" loaded concrete 
slab started at relatively low loads and the steel plate increased lateral 
deflections only at high loads. Both steel plate and concrete slab were under 
compression (see fig. 39). At high loads, when the steel plate increased 
lateral deflections, the surface compressive strain of concrete slab reduced 
in magnitude due to the bending of the slab. 
b. Panel Specimen B. Panel specimen B differed from specimen A only in 
the stud connector spacing. Testing was again by first loading on the steel 
plates only (test Bl) and then on both steel and concrete (test B2). Again, no 
failure was intended for the first test. 
The predicted strength for test Bl was 180 kips (table 13) due to 
local buckling between two rows of stud shear connectors, assuming no 
contribution from concrete. The highest applied load was 430 kips (table 14)·. 
Test was stopped when a fine horizontal crack was observed on the concrete 
surface. 
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Figures 40 and 41 show the load-deflection and load-strain relation-
ships for test Bl. These figures are very similar to figs. 36 and 37, 
confirming the similar behaviors of specimens A and B. 
Panel test B2 resulted in local buckling of the steel plate between 
two rows of anchor studs. This occurred at a load of 600 kips, in contrast 
with the calculated value of 360 kips (tables 13 and 14). The buckling 
phenomenon was a gradual increase of steel plate deflection in a local area. 
This is depicted in fig. 42, which shows the lateral deflection of two points 
of the steel plate and two points on the concrete slab surface. After the 
initiation of buckling, the panel specimen continued to carry additional loads 
to a maximum of 1000 kips, when the concrete slab crushed locally opposite the 
buckle. The maximum lateral deflection of the steel plate was only about 0.8 
in, slightly more than twice the plate thickness. The buckle in steel plate 
after the completion of test B2 is seen in fig. 43. 
Figure 44 is a photograph showing the crushed concrete slab after 
unloading from the maximum load of 1000 kips. The extent of crushing was 
relatively small. The strains in the concrete at the location of crushing are 
plotted in Fig. 45 with those of the steel plate at the buckle. The maximum 
-6 
strain in concrete just before crushing was about 1100 x 10 in/in. Strains 
at other locations were much lower, in the order of one-tenth to one-fifth 
of this magnitude. 
Because the local buckling of steel plate and crushing of concrete was 
a gradual development the decrease of panel length was also gradual. Figure 
46 is a plot of applied load versus axial shortening of the specimen. No 
sudden decrease in length of panel was observed. 
c. Panel Specimen C. Panel specimen C has only one line of stud anchors 
along the midwidth of the plate (Fig. 30). The primary test variable for this 
specimen was the lateral support distance. Figure 47 shows the support 
distance and test identifications. Limited load was first applied "centrally" 
to both the steel plate and the concrete slab (test C2), then on the steel 
plate alone (tests Cl-3, Cl-2 and Cl-1). Final test to failure was carried out 
under the arrangement Cl-1. 
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The predicted strength of test C2 was 1040 kips. A maximum load of 
500 kips was applied, which was higher than the computed buckling load of 290 
kips for the steel plate alone without concrete. 
whatsoever of yielding or cracking at 500 kips. 
There was no indication 
The load versus strain 
correlations of the steel plate and concrete slab are shown in Fig. 48, which 
are similar to those of tests A2 and B2 (figs. 39 and 45) at comparable loads. 
In other words, for composite panels with the concrete slab in bearing, the 
panels behaved the same way regardless of anchor arrangements, confirming the 
discussion of section 3a of last chapter. 
When the concrete slab was not in bearing, (tests Cl-3, Cl-2, and Cl-1), 
the behavior of the specimen depended upon the distance between lateral 
supports. Figure 49 compares the lateral deflections. It is evident that 
lateral deflections were ,dependent upon the distance of lateral support. The 
corresponding strains are plotted in figs •. 50 to 52. For the largest distance 
of 48 in. (Cl-1), the composite panel bent toward the concrete side and caused 
tension in concrete, as shown in fig. 52. 
Failure of test Cl-1 occurred at 800 kips when the concrete slab cracked 
near the lower support and steel plate yielded in the same region. Figure 53 
is a photograph of the failed specimen in the test machine. The existence of 
stud shear connectors along midwidth influenced the direction of the crack. A 
closeup photograph of the crack is given as fig. 54. 
It should be noted that the computed load which would cause first 
yielding of the steel plate at midheight was 830 kips, and the corresponding 
load of concrete cracking at the same height was 200 kips (table 13). Failure 
did not occur at midheight but near the end of the panel, by cracking of 
concrete and yielding of steel plate at 800 kips. No local buckling took place. 
d. Panel Specimen D. Specimen D was subjected to "centroidal" axial 
load through the steel plate and the concrete slab, combined with a lateral 
force perpendicular to the plate panel at the midpoint of the concrete slab 
surface. Figure 55 is a photograph showing the setup. The magnitude of the 
lateral load was manually maintained and was increased from time to time 
during the test, in order to ensure the lateral deflection of the panel toward 
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the steel plate s~de. The maximum lateral load was 30 kips. The ranges of 
increased lateral loads (Q) are indicated in fig. 56, a diagram of axial load 
(P) versus lateral deflections. The forced, stepwise increases of lateral 
deflections with increasing axial loads simulated a very severe loading 
condition of box girder bottom flange composite panels in compression. The 
results of measurements indicated that the steel plate deflected more than the 
concrete slab, signifying separation of the two components. This phenomenon 
was similar to that of test A2 (fig. 38) but opposite to that of test Al in 
which the panel deflections were toward the concrete slab and the steel plate 
pushed against the concrete (see Fig. 36). 
The lateral bending of the panel was suspected to affect the long-
itudinal shortening. Figure 57 shows the measured axial shortening of the 
composite panel. The shortening was practically linearly proportional to the 
applied axial load all the way up to the maximum load of 1250 kips. 
Upon the increase of axial load from 1250 kips, local b~ckling of steel 
plate occurred between two rows of anchor studs at midheight, and the 
concrete slab began to crush. The buckled steel plate after removal of the 
specimen from the test machine is shown in Fig. 58. 
The failure load of 1250 kips was almost twice the predicted buckling 
strength of 640 kips (see table 14), and was higher than the ultimate 
computed full strength of 1160 kips for the composite panel (see table 13). 
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TESTING OF BOX GIRDER SEGMENTS WITH COMPOSITE BOTTOM FLANGE 
l. Specimen, Se~_An~~oading 
~ecimen. The box girder specimen was 3 ft by 4 ft in cross section 
and 38 ft 3 in overall in length, with interior diaphragms dividing the 
specimen into five box segments. The overall de~th was 37 3/8 in. Figure 59 
shows the elevation and a horizontal section of the specimen; fig. 60 includes 
the details of two cross sections. 
The bottom flange of the box specimen was the main component of 
investigation. Its steel plate crO'ss sectional dimensions of 50 in by 3/8 in 
were identical to those of the panel specimens. The distance between box 
girder webs was 48 in and the thickness of concrete slab was 3 in. These 
features too, were the same as for the panel specimens. 
The top flange had a thickness of 1 in and a width of 72 in. This 
relatively sturdy plate provided a high position for the neutral axis of 
flexure and high nominal in-plane stresses in the bottom composite flange. 
The neutral axis was estimated to be about two-thirds of the depth of the 
cross ·section from the bottom flange. 
The 3/8 in thick webs were stiffened by 5-in by 3/8-in intermediate 
vertical stiffeners at 24 in spacing, and by a longitudinal stiffener of the 
same size at 9 irt above the bottom flange, running the full length of the 
specimen. These stiffeners were used to ensure that failure would not occur 
in the web prior to failure of the compressive bottom flange. 
Among the five segments of the box girder, the three segments in the 
middle were 6 ft long, with full width composite bottom flange for testing. 
The end segments, each 9 ft 1 1/2 in long, served as shear spans to develop 
bending moment in the test segments. The length of the end segments was 
dictated by the floor anchor for test setup. Open diaphragms of K-type 
permitted access to the inside of the box for placing of concrete, 
instrumentation, and inspection. Outside of the box, 5- by l-in vertical 
stiffeners aligned with the diaphragms to serve as bearing stiffeners. The 
configuration of diaphragms is shown in Fig. 60. 
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A longitudinal bottom flange stiffener was placed at midwidth of each 
of the end segments. It prevented buckling of the bottom flange in these 
areas. Two end plates at each end of the box girder were attached to the webs. 
These combined with bearing stiffeners as end posts to strengthen the area. 
The pattern of arrangement of the stud anchors was the same for the 
three test segments. Eight 2- by 1/4-in stud connectors were arranged in four 
transverse rows and two longitudinal lines creating 16 in by 16 in local areas 
within studs, and 16 in by 48 in and 12 in by 48 in transverse zones between 
rows. This pattern was chosen based upon the test results of the composite 
panels. The arrangement is shown in Fig. 61. There was no anchoring stud 
in the end segments, only the bottom flange longitudinal stiffeners. 
In order to facilitate identification of the individual box segments, 
the diaphragms were numbered from 1 to 6, as shown in table 15. 
All connections of the steel components were by welding. ASTM A36 
steel was specified for all components. The measured yield point was 42.9 
ksi for the 3/8-in thick bottom flange plate and the webs, and 34.9 ksi for 
the l-in thick top flange plate. For the concrete slab, 4000 psi strength 
was planned for all segments except segment 2-3, where 6000 psi compressive 
strength was specified. The actual strength from standard cylinder tests 
was 3,820 psi for box segments 3-4 and 4-5, 5,580 psi for segment 2-3, and 
4,100 psi for the end segments. The material properties are listed in table 
15. 
The bearing condition of the concrete slabs at their ends was a 
parameter of study. To provide flexibility, all concrete slabs in test 
segments were fabricated without bearing at the ends. Grouting was to be made 
wherever direct bearing would be needed. 
For test 4 (see section 2b below), the gaps at both sides of diaphragm 
3 were granted creating bearing conditions for concrete slab 2-3 and 3-4 at 
this point. 
b. Box Girder Test Setup and Loading. Four tests to failure were 
conducted on the box girder specimen in the 5,000,000 lb. universal test 
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machine. For all tests, the specimen was supported on rollers at an inter-
mediate diaphragm, the load from the test machine was applied at one end, and 
the other end of the specimen was tied down by a rigid frame which was 
anchored to the floor. Figure 62 is a photograph of the specimen in the test 
machine. 
The intermediate support of the specimen was at different positions 
for different tests. Figure 63 summarizes these positions, as well as the 
positions of the applied load and tie-down. The resulting moment diagrams 
(and the locations of failure and corresponding magnitudes of moment) are also 
indicated. Because the test specimen was not permitted to move longitudinally 
at the tie-down end, rollers were employed both at the intermediate support 
and at the load point. Simple bending in the negative moment region of box 
girder bridge was thus simulated, with the moment diagrams given in fig. 63. 
Figure 64 shows an example of roller support. 
Deflections of the box girder at various locations, alon·g the longi-
tudinal center line as well as directly under the webs, were measured by 
mechanical dial gag~g. Several of these dial gages can be seen in fig. 64. 
Electrical resistance strain gages were mounted on the webs and flanges to 
monitor the change of stresses. Figure 65 summarizes the arrangement of strain 
gages on the box girder. 
For the purpose of examining the torsional behavior of composite bottom 
flange in box girders, two additional tests were conducted. Tests lB and 2B 
had the same support positions as tests 1 and 2, but the load was applied 12 in 
off the centerline of the box girder. No failure was intended for these two 
tests. 
2. Results of Testing Box Girder Segments 
a. Concrete Slab Not in Beari~. 
(1) Test No. 1, Box Segment 3-4 
Three of the four failure tests were conducted on box segments with 
composite concrete slab not in direct bearing with transverse diaphragms. 
These were tests no. 1, 2, and 3. The test numbers, box segments being 
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tested, failure locations and failure mode, and the predicted and actual 
strength of all tests are listed in table 16. 
Test no. 1 focussed on the composite bottom flange of segment 3-4, with 
the largest bending moment at diaphragm 4 (see fig. 63). The possible 
limiting states included the attainment of full strength of the composite 
bottom flange, local buckling of the bottom flange steel plate between four 
stud anchors, and buckling of the steel plate between two rows of anchor studs 
or between the last row of studs and the diaphragm at the end of the segment. 
These modes of failure were similar to those for the composite panels 
discussed in the last chapter. Table 17 lists the calculated limiting moment 
strengths corresponding to each of these modes of failure for each box segment. 
For test no. 1, the lowest calculated limiting moment strength was 2220 k-ft, 
corresponding to local buckling of steel plate between two rows of stud anchors 
at middle of the segment. Actual failure moment of test no. 1 was 2420 k-ft. 
Failure was due to upward local buckling of the bottom flange plate adjacent to 
diaphragm 4, the location of highest bending moment. The predicted strength 
for this mode of failure was 2290 k-ft. 
Figure 66 is a photograph of the buckled bottom flange, looking 
directly up from below the box girder. Location of diaphragm 4 is indicated 
by the exterior stiffeners. The buckling occurred rather suddenly, causing 
the applied load on the box girder to decrease while the vertical deflection 
of the box girder increased. The load-deflection relationship is plotted in 
fig. 67. Also shown in the figure are a couple of the computed limiting 
moments from table 17. 
The buckling of the steel plate was by and large confined to the end 
region between the diaphragm and the first row of stud anchors. Beyond the 
first row of stud anchors, the steel plate appeared to be flat, without 
visible out-of-plane displacement. The concrete slab in the end region showed 
only very limited cracks. 
There was, however, indication of steel plate bending prior to buckling. 
Figure 68 shows the increase of compressive strain in the bottom flange 
components at midlength of the box segment as the applied load was increased. 
44 
The longitudinal strain.o~ the steel plate at midpanel point (gage no. 26) 
increased nearly linearly with the applied load, up to about 140 kips. Above 
that load level, the compressive strain decreased drastically, and reversed 
into tension at 160 kips. This indicates the downward bending of the steel 
plate at this location, which is between the second and third transverse rows 
of stud connectors. Failure of the composite flange occurred just above 160 
kips, not at midpanel but near the diaphragm. 
Figure 67 shows that the box girder behaved essentially linearly up to 
failure. Figure 69 shows the strain distribution in two cross sections and at 
two different load levels. In all cases, the distribution is reasonably close 
to linear. This confirmed the ability of the concrete slab in strengthening 
the box girder segment. 
Under eccentrical loads which generated both bending moment and torsion 
(test no. lB), the box girder segment behaved as expected. Stress gradients 
were introduced across the width of the box and deflections under the two webs 
were slightly different. The applied loads were not high enough to cause 
failure. 
(2) Test No. 2, Box ~ent 4-5 
Box segment 4-5 was identical to segment 3-4 in dimensions, properties, 
and limiting moment strength. Tests No. 1 and 2 differed only in the moment 
gradient in the test segment. For test no. 2, the box girder supports were 
placed at diaphragm 5 to generate highest bending moment in this segment. The 
moment diagram is given in fig. 63. The buckled bottom flange in segment 3-4, 
from test no. 1, was braced by shoring to prevent premature failure there. 
Failure was again due to upward buckling of the bottom flange steel 
plate, occurring in segment 4-5 near diaphragm 5. The applied moment at 
failure was 3010 k-ft, in comparison with the cc•mputed value of 2290 k-ft 
(see table 17). Figure 70 shows the bottom flange with yield lines caused by 
the buckle, which was along the first row of stud anchors as can be seen in 
the figure. Thus, the buckle penetrated into the region beyond the first row 
of studs, and is different from the conditions used in calculating the 
predicted limiting moment strength. 
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Because of the more prominent buckles in the steel plate, the cracks 
in the concrete slab were also more prominent than those resulting from the 
first test. Figure 71 shows the cracks after the removal of applied load. 
Aside from this minor difference, the observed behaviors from tests 
no. 1 and 2 were basically the same. The load versus vertical deflection 
relation in Fig. 72 for test no. 2 is similar to that for test no. 1 shown in 
fig. 67. The strain distributions in box girder cross sections in Fig. 73 for 
test no. 2 are essentially the same as those in fig. 69 for test no. 1. In 
both tests, the box girder appeared to behave linearly up to failure. 
(3) Test No. 3, Box Segment 2-3, High Concrete Strength 
Test segment 2-3 differed from the segments 3-4 and 4-5 in that concrete 
used here was of a higher compressive strength (5500 psi vs. 3820 psi). For 
test no. 3, the roller supports were placed at diaphragm 2. The loading 
condition was identical to that of test no. 2. The moment diagram for this 
test in fig. 63 is a mirror image of that for test no. 2. 
The expected failure mode was, therefore, the same as for the two 
earlier tests. The predicted and observed failure moments are listed in 
table 16. The behavior of this segment was indeed the same as that of the 
other two segments. The bottom flange steel plate buckled upward between 
diaphragm 2 and the first row of stud anchors. The concrete slab above the 
buckle had minor cracks. The vertical deflection below the load point 
increased slightly while load decreased after the buckling (see fig. 74). And, 
the strain distribution in a cross section at midsegment (in fig. 75) confirmed 
the composite nature of the bottom flange. The behavior of composite concrete 
slabs not in bearing was well demonstrated. 
The observed failure moment strength for segment 2-3 was 2580 k-ft (fig. 
74). This was higher than the predicted moment of 2290 k-ft but lower than the 
corresponding strength of 3010 k-ft for segment 4-5 (test no. 2, fig. 72), 
which had a concrete slab of lower length. It appears that, for this mode of 
failure, the effect of concrete strength on the composite compressive flange 
is not dominant. 
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b. Concrete Slab In BeartnJU. Test No. 4. For the last test of the box 
girder specimen, the ends of concrete slabs in box segments, 2-3 and 3-4 were 
made to bear on the cross member of diaphragm 3 by grouting. This permitted 
direct transmission of forces between the concrete slabs in the two 
neighboring segments. To ensure full composite action, the ends of the 
concrete slabs were blocked against the underside of the flange of the cross 
member so that "lifting" of the unattached ends were prevented. 
The supporting point of the box girder for test 4 was at diaphragm 3 
(see fig. 63). The concrete in the segments 2-3 and 3-4 had different 
strengths, therefore the computed failure moments were not the same (see 
table 17). The predicted failure mode was buckling of the steel flange plate 
between two rows of stud anchors, with computed moments of 2400 k-ft for 
segment 2-3 and 2220 k-ft for segment 3-4. 
Failure of the segments occurred at 263 kips of applied load. The 
corresponding moments at points of failure were 2840 k-ft in segment 2-3 and 
3415 k-ft in segment 3-4. These values are summarized in table 16, and also 
shown in fig. 63. 
The failure mode was, as predicted, downward buckling of the steel 
flange plates in the segments. Figure 76 presents the load-deflection 
relationship of the test. The box girder behavior was again essentially linear. 
At a load of 210 kips, a bulge was observed in the steel plate at middle of 
segment 3-4. However, the specimen continued to carry additional load. At 230 
kips, a similar bulge appeared in segment 2-3. These bulges or buckles 
gradually increased in size with further increase of load. Failure finally 
occurred at 263 kips when the webs above the buckle in segment 3-4 also 
buckled. 
Figures 77 to 86 show the failed segments after the removal of the 
applied loads. The downward buckle of steel flange plate is segment 3-4 is: 
clearly seen in Fig. 77. The maximum out-of-plane displacement was just over 
1 in. In Fig. 78, the yield zones at the edges of the buckle can be seen to 
contain the anchors. Thus it is clear that the buckle of steel plate occurred 
between two transverse rows of studs. Diaphragm 3 is to the left in this 
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photograph. Same yield l;i.nes developed near diaphragm 3. Inside the box 
segment, the concrete slab had small c.racks above a row of stud anchors, the 
righthand row in fig. 78. These cracks are shown in fig. 79. The very small 
cracks from test no. 1 can also be seen. 
The buckled webs in segment 3-4 are shown in figs. 80 and 81. The 
buckled bottom flange introduced out-of-plane bending in the web plates which 
eventually buckled, buckling the longitudinal stiffeners as well. With three 
out of four sides of a box girder segment failed, the segment was no longer 
able to carry additional loads. 
For segment 2-3, the downward buckling of the bottom flange steel 
plate was between the first and second row of stud anchors near diaphragm 2, 
where the steel plate had buckled upward in test no. 3. Figure 82 is a 
photograph taken from below the segment, showing the area of buckle with its 
edges at the two rows of studs, and also showing the yield lines of upward 
buckling to the left resulting from test no. 3. The buckle is shown in fig. 
83. The maximum deflection was also about 1 in. 
The webs of the box girder in this segment had not yet buckled at the 
failure of the box girder. The applied bending moment was lower here than at 
the buckle in segment 3-4, as can be seen from fig. 63. The appearance of 
the webs are shown in figs. 84 and 85. 
Similar to the condition of concrete slab in the failed box segment 
3-4, the concrete slab in segment 2-3 also cracked above a row of stud anchors. 
The cracks are shown in Fig. 86 (line 4). The cracks near diaphragm 2, 
developed in test no. 3, were extended during test no. 4 (line 3). Throughout 
all four tests of the box girder, nowhere was the concrete slab crushed, only 
cracking of concrete was observed. Measured strains in box cross sections, as 
shown in figs. 68, 73, and 75, indicated the concrete slabs were in compression 
up to the loads just before failure. Figure 87 shows strain distribution in 
two cross sections during test no. 4. The bottom flange steel plate in the 
test segments had buckled; the concrete slabs developed tension. It was these 
tensile strains resulting from buckled steel plates that caused cracking of 
the concrete slab at failure of the box segments. 
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EVALUATION OF TE~T RESULTS AND DISCUSSIONS 
1. Correlation of_~esults f~om Panel and Box Se~ent Tests 
a. Partial Length Composite Flange Panels. The specimens and loading 
conditions of the test panels and box girder segments can be separated into 
three different groups. 
o Eccentrically loaded composite flange with loads applied 
through the steel plate only and with no anchor at the end 
of the concrete slab. 
o Eccentrically loaded composite flange with anchors at the 
ends of the concrete slab. 
o Concentrically loaded composite compression flange with 
loads applied through the centroid of the composite flange 
panel. 
The behavior of each group was somewhat different. Summaries and discussions 
are made in this section. 
The condition that a composite compression flange is without anchorage 
at the ends of the concrete slab and the concrete slab is not in bearing 
against the box girder diaphragms is shown schematically in fig. 89a. The 
transmission of loads from the neighboring compression flange panel is eccentric 
through the flange steel plate only and is eccentric with respect to the 
composite flange. Furthermore, the portion of the steel plate between its 
end and the first row of stud anchors is not in composite action with the 
concrete slab above. The situation is that of a partial length composite 
flange under eccentric load. The governing mode of failure is either yielding 
or upward buckling of the steel plate in the noncomposite region at the end 
of the flange panel. 
Box girder segments in test nos. 1, 2, and 3 were in this group of 
partial length composite flange panels. The mode of failure for all three 
tests was steel plate buckling upward, pushing against the concrete slab. The 
predicted moment at the locations of failure was 2290 k-ft and the actual 
failure moments from testing were higher for all three cases. These results 
have been presented in table 16 and are relisted in table 18. For tests 1 
and 3, the actual strength was 6 and 13 percent, respectively, higher than 
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predicted. Test no. 2 had Lts steel plate buckle extending beyond the first 
row of stud anchors and causing bending of the composite panel. The actual 
strength was about 30 percent higher than predicted. The important result 
is that the predicted strength is reasonable and conservative. 
From these results, two conclusions may be drawn. First, by adding a 
concrete slab and anchoring it to the steel plate, the mode of failure of 
the steel bottom flange was changed from overall buckling to local buckling 
at the end of the flange panel. The strength was significantly increased. 
For the box girder segments of test nos. 1, 2, and 3, the increase of 
predicted strength was from 540 k-ft to 2290 k-ft (see table 17). The 
actual strength was even higher for each of these tests. 
Second, the strength of concrete would have no effect on the ultimate 
strength of partial length composite panels. The failure of these panels was 
invariably by buckling of steel plate in this noncomposite region outside of 
the first row of stud connectors. Concrete was not effective in resisting 
compression in this region. Furthermore, the buckling of steel plate was 
toward the concrete slab, causing the concrete to crack. The compressive 
strength of concrete was not being utilized under these situations. 
It is to be noted that the condition of partial length composite 
flange panels represents realistic cases of possible box girder construction. 
One example is box girder segments with precast and preattached concrete slab 
on the bottom flange and with a short length of bare steel plate at the ends 
of the bottom flange for field splicing. The strength of these end regions 
must be examined for conditions of erection and service. 
b. Full Length Composite Flange Panels. When anchors are provided at 
the ends of concrete slabs, composite action between the concrete slab and 
steel plate can develop along the full length of the flange panel. The 
necessity of anchorage at the ends of the concrete slab is identical to the 
situation of requiring shear connectors at the ends of composite beams for 
the development of complete interaction between the components. With end 
anchors for the concrete slab and the slab not in bearing against diaphragms, 
loads are transmitted from the neighboring compression panels through the steel 
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plate alone. The.full length composite flange panel is subjected to eccentric 
load, as it is shown in fig. 88b. 
The governing mode of failure for eccentrically loaded full length 
composite panels is either yielding of the steel plate or local buckling of 
the steel plate between two rows of anchors. It can also be cracking of the 
concrete because the eccentricity of load causes bending of the composite 
panel toward the concrete slab. 
To provide stud anchors at the extreme ends of the concrete slab is 
physically impossible, since the anchors must be completely embedded in 
concrete, and a minimal unanchored length will result. Panel specimens A, 
B, C, and D had 4-in by 3/8-in steel edge plates at the ends of the concrete 
slab. These edge plates provided some restraint to the slab, preventing it 
from moving away from the steel plate. This restraint could be considered 
as equivalent to that provided by direct anchors. Consequently, panel tests 
Al, Bl, Cl-1, Cl-2, and Cl-3 could be considered as being conducted on full 
length composite panels. 
Test Al was not loaded to failure. The predicted panel strength, the 
test results, and the modes of failure for the other four tests of this group 
are summarized in table 18. The predicted load corresponding to cracking of 
concrete was 200 kips for all cases, and the predicted load at first yielding 
of the steel plate was 830 kips. The estimated local buckling strength was 
180 kips for test Bl, lower than the concrete cracking load. For tests Cl-1, 
Cl-2, and Cl-3 the local buckling strengths were 520 kips, 600 kips, and 720 
kips respectively, and all were below first yield. During testing, cracking 
of concrete was the criterion for terminating all these tests, although post-
cracking loads have been applied to tests Bl, Cl-2, and Cl-3 which could then 
induce local buckling between two rows of anchors. 
Comparison of the predicted concrete cracking load and the test 
results (see table 18) reveals that the computed concrete cracking loads based 
on bending of composite beams were not suitable estimates of strength. An 
elaborate procedure considering bending of composite plates may provide better 
estimates. Analytical study on bending of composite plates was not a part of 
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this study. In consideration of the condi.tion that dead weight moments were 
ignored in the computations, the strength by concrete cracking was ignored. 
Instead, the strength by local buckling between two rows of anchors was 
adopted as reference. This chosen mode of reference is in agreement with 
that of partial length composite flange panels (discussed in section a earlier) 
and that of concentrically loaded composite flanges (to be discussed in 
section c later). Comparison of test results and the corresponding reference 
values in table 18 shows that the actual strength of every specimen in this 
group was reasonably higher than the reference value by local buckling. 
c. Concentric~lly_ Loaded C_omposite Flange Panel. A concentrically 
loaded composite flange is the ideal condition of this study. The concrete 
s1ab strengthens the steel bottom flange plate by eliminating the failure mode 
of overall buckling of the steel plate. Simultaneously, the concrete slab 
also participates in carrying direct compression. Figure 88c shows this ideal 
case. 
The governing mode of failure for this loading condition of the 
composite compressive flange may be yielding of the steel plate and crushing 
of the concrete slab, or local buckling of the steel plate between two rows of 
anchors. 
Panel specimen tests A2, B2, and D and box segment tests 4 were 
subjected to concentric loads. The composite flange panels of these five 
tests belonged to this ideal group. The predicted strength, strength from 
tests, and the corresponding modes of failure are listed in table 18. All 
five tests were predicted to fail by local buckling. One, panel test A2, did 
not. It failed by yielding of steel plate and crushing of concrete at the 
corresponding predicted strength. The other four failed as expected at loads 
higher than predicted. 
Review of behavior of the test specimens revealed a number of 
situations. First, postbuckling strength existed for this group of tests. 
Panel specimen B2 developed local buckling between two rows of stud anchors 
and carried a great amount of postbuckling load before failure. Both box 
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segments 2-3 and 3-4 of box tests no. 4 had v~s~ble local bulge which 
gradually increased in size with increasing load till failure occurred at a 
cross section of the box girder. Panel specimen D, which was subjected to a 
high lateral load pushing from the concrete slab side toward the steel plate, 
did not show any sign of bulge prior to failure at an axial load higher than 
the predicted full strength. Failure was by local buckling and crushing of 
concrete. The applied lateral load was very severe and uncommon. Thus it 
can be concluded that postbuckling strength commonly exists and that adopting 
the local buckling mode as a strength criterion of the composite flange panel 
is adequate and conservative. 
Second, all local buckling in this group of loading and slab bearing 
conditions were downward or outward, away from the concrete slab. This is 
different from the local buckling direction of the other two groups in which 
the concrete slabs were not in bearing and the loads were eccentric to the 
composite flange panel. 
Third, the strength of concrete influenced the load carrying capacity of 
the composite panel. The significance of the influence depended on the failure 
mode of the composite panel. When local buckling of steel plate occurred 
between two rows of anchors, the contribution of higher strength of concrete 
was relatively minor. The capacity of the composite panel was not directly 
controlled by the strength of the concrete, although the overall geometrical 
properties of the box girder was influenced by the concrete strength. An 
increase of concrete strength from 3820 psi to 5580 psi (a 40 percent increase) 
only increased the predicted buckling strength from 2220 k-ft to 2400 k-ft (an 
8 percent increase). If the full composite strength of the compression panels 
could be achieved, higher strength concrete would contribute directly to the 
strength. In the case of box segments 2-3 and 3-4, the increase of predicted 
full composite strength was from 4820 k-ft to 5290 k-ft, about a 10 percent 
increase (see table 17). 
d. Anchorage and Bearing at End of Concrete Slab. The test results 
indicated that local buckling of steel plates was the predominant mode of 
failure. Table 19 summarizes the anchor spacings for all the specimens and 
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tests and the failure modes. With concrete slab not in direct bearing and 
without anchor at the end of the slab, local buckling would occur in this 
region. By decreasing the spacing of anchor at the end of panel (panel 
specimens A, B, C, and D), or by providing anchorage at the end of concrete 
slab (box segment tests no. 4 and panel tests Bl, Cl-1, Cl-2, and Cl-3), this 
region can be strengthened sufficiently that local buckling occurred elsewhere 
in the middle of the composite compression panel. Evidently, anchorage and 
spacing of anchor play an important role in controlling local buckling at the 
ends of composite compression flange panels, and at the middle as well. One 
criterion is to control local buckling so that yielding of steel plate can be 
attained as the useful strength. This criterion is adopted in this study as 
it is indicated in equation 24. More discussions will be made later in this 
report. 
The test results also confirmed the conclusion from analysis that 
concentrically loaded composite panels were more favorable with regard to the 
behavior and strength of the panels. The specimens in the concentrically 
loaded group all had higher strength than did the comparable specimens in the 
eccentrically loaded group. 
Therefore, placing of anchors near the ends of concrete slabs and 
direct bearing of concrete slabs on box girder diaphragms are essential to 
the development of higher strength of the composite compression flanges. Both 
of these conditions are affected by the method of construction. For concrete 
slab cast in place after the erection of box girder segments, anchors between 
the concrete slab and the steel flange plate can be placed close to the 
diaphragms. Pouring of concrete directly onto the steel flange plate with the 
diaphragms a~d box girder webs as boundaries will most likely result in direct 
bearing of the concrete slab on the diaphragms. This has been discussed in 
the feasibility study using one of the sample bridge designs. If shrinkage 
and creep is appreciable, grouting at the ends of the concrete slabs is 
suggested. 
For precast concrete slabs which are to be attached to the steel flange 
plate by anchors or stud connectors after the erection of a box girder segment, 
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the placement of anchors near the diaphragms or the ends of box segments 
should not pose any problem. The openings or block-outs in the precast 
concrete slab need to be grouted. Grouting between the concrete slab and 
the diaphragms (and webs) can be carried out at the same time. 
The procedure of shop fabricating the concrete slab on the bottom 
flange steel plate of a box segment before transportation and erection of the 
segment with composite bottom flange is also possible. In this case, the end 
anchorage and bearing conditions of the concrete slabs can be achieved by 
either field casting of concrete in this segment or by grouting. All these 
variations do not generate new questions of strength evaluation. Rather it 
is a matter of available procedure of construction and relative costs. 
2. Discussions on Rules For Anchor Spacing-
a. Anchor Requirements. The results from testing the composite panel 
specimens and box girder segments with composite bottom flanges indicated that 
the predominant failure mode for the composite panels and composite flanges 
was local buckling across the width of the steel plate (table 18). Buckling 
either occurred between two rows of stud anchors, or between the first row of 
anchor and a diaphragm of the box girder. In two cases, panel specimens under 
load reached the full strength of yielding of the steel plate and crushing of 
the concrete. No local buckling of plate ever occurred between four anchoring 
studs. Nor was there ~ny stud anchor pulled out from the concrete slab. 
These results agreed quite well with the results of analysis based on 
equations 24 and 25 and the related discussions. In all cases of failure of 
the test specimens, the test loads and moments were higher than the respective 
predicted values by a reasonable percentage, as it is shown in table 18. 
If it is desired that local buckling of the steel plate between two rows 
of anchors will not occur prior to yielding of the steel plate, then equation 
24 is the governing equation, which is repeated below. 
F = F y cr 2 12(1-v ) 
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(28) 
The dimensions a, b, and t are respectively the spacing between two rows of 
anchors, the width of the steel plate, and the thickness of the same plate 
(see fig. 24). 
By solving for the spacing to thickness ratio, a/t, it is obtained: 
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The relationship between B and A is depicted in Fig. 89. 
(29) 
For practical dimensions of composite flange panels, it is anticipated 
that the steel plate width, b, is much larger than the spacing between two 
rows of anchors, a. That is, b/a B/A is much larger than 1. For the test 
specimens of this study, b/a ranged from 1 to 8. It is, therefore, 
conservative to adopt the asymptote, A = 1.0, as shown in Fig. 89, as the 
limiting value. Thlw. 
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When v = 0.3 and E 29,000,000 psi are substituted into this equation, the 
limiting condition is: 
a 
- = 
t 
5120 
IF y 
(31) 
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Equation 31 defines in terms of plate thickness the maximum spacing 
between two rows of anchors for a given material. For different yield 
strength, the corresponding spacings are listed in table 20. 
Because the maximum spacing of the test specimens in this study was 
24 in (table 19), and there is no other test data for reference, a maximum 
spacing of 24 in is imposed. 
a == 
5120 t 
---
ff y 
< 24 in 
The maximum distance is of the same value as that for maximum spacing of 
shear connectors in composite beams for highway bridges (Article 10.38.5.1 
of AASHTO Specifications). (8 ) 
(32) 
The limiting values of equation 31 is derived with reference to in-plane 
compressive stresses in the steel plates. It is applicable to the space 
between two rows of anchors as well as to the distance between the diaphragm 
or transverse member and the first row of anchor studs. However~ at the ends 
of composite panels it is possible that concrete slab is not in direct bearing 
and the composite panel is subject to eccentric load, the conditions shown in 
parts (a) and (b) of fig. 88. An out-of-plane force or moment may occur due 
to out of flatness of steel plate in the area or due to transfer of forces 
from the steel plate through the anchoring studs to the concrete slab. There-
fore additional precaution is necessary. Adoption of a limiting a/t value half 
of that from equation 31 is a simple procedure. The two spaces at the end of a 
composite panel must not be longer than that specified by: 
aends = 
2560t 
IF y 
< 12 in 
This requirement is also listed in table 20. The arrangement of rows of 
anchors as shown in parts (b) and (c) of fig. 88 is recommended. 
(33) 
In placing the first rows of anchors near the end of a concrete slab, 
consideration must be given to the development of anchoring forces in the 
concrete slab. A full shear cone for a stud anchor (see fig. 27) is ideal. 
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Conditions such as the embedment length of anchors, clear distance for 
attachment (welding) of studs, etc. influence the distance of the first space. 
A distance of 3 to 5 in. appears practical. With a second row of anchors not 
too far away, as specified by equation 33, failure by buckling of the steel 
plate in this region will not occur prior to yielding of the steel plate. 
Across the width of the plate, the distance between lines of anchors 
needs to be specified. For all the test specimens of this study, the distance 
between two longitudinal lines (gage) was always equal to or greater than 
the distance between two transverse rows of anchors (pitch). The maximum gage 
distance was 24 in. Failure always occurred between two rows of anchors with-
out any distress between two longitudinal lines along the direction of 
compressive stresses. Based on these considerations, it is recommended that 
the gage distance between two longitudinal lines of anchors be not more than 
twice the pitch distance, a, between two rows of anchors, with a maximum 
distance of 24 in. 
b. Other Considerations, Shear and Fatigue. It was stated earlier that 
if a concrete slab is not in direct bearing against a transverse diaphragm or 
stiffener, shear connectors are needed for transmittal of shear forces between 
the steel plate and the concrete slab. This assumption was made based on the 
behavior of composite !-beams and the study of box girders with concrete decks 
on steel top flanges. ( 3, lS, 20 ) For these structural members, shearing 
stresses develop between the steel portion and the concrete deck in proportion 
to the vertical shear forces (V) of the beam or box girder deck. Without 
shear connectors, a concrete deck does not interact with the steel portion. 
This interaction was also considered essential for the development of composite 
bottom flange of box girders when the slab was inside the box and above the 
steel bottom plate, and not in direct bearing. 
Test results from the box girder segments did not reveal any failure 
due to shear transfer action. Failure was by local buckling of steel flange 
plate. Evidently the stud connectors serving to anchor the concrete slab to 
the steel plate also served as shear connectors as well. 
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The magnitude of ~hear stresses between the steel plate and the non-
continuous concrete slab is most likely proportional to the differential 
moment between the ends of the slab (dM/dx = V). Because the concrete slabs 
are relatively short in comparison to the box girder length, the differential 
moment is relatively small, and correspondingly the vertical shear force. The 
horizontal shear stresses between the steel plate and the concrete slab are 
therefore also expected to be low. These low stresses can be resisted by the 
anchoring studs, as it was obviously the case for the box girder segment 
tests. No shear connectors are required in addition to the anchoring studs. 
In the transverse direction, across the width of the composite top 
flanges, longitudinal shear force on shear connectors are compared in British 
t d d 'd · shear lag. (l6) Th f 1 · · t' 27 · s an ar s cons1 er1ng e ormu a 1s g1ven as equa 1on 1n 
this report. For the cases of composite bottom flanges in compression in this 
study, test results indicated that there was little shear lag. This is seen 
in the stress distribution diagrams of figs. 68, 72, and 74 for box segment 
test nos. 1, 2, and 3. The concrete slabs in the box segments of these tests 
were not in direct bearing. This phenomenon of no shear lag confirmed the 
effectiveness of the composite bottom flange and the condition that no shear 
connectors are needed in addition to the anchoring studs. 
For composite I-beams, the fatigue strength of shear connectors is a 
governing factor. The shear stress ranges due to live load are about constant 
throughout the length of a simple beam, and dictate the shear connector size. 
Because the shearing stresses are low between the bottom flange and the 
concrete slab above, it is not expected that fatigue strength of the stud 
anchors will govern. Stud connectors for anchoring purpose are considered 
adequate for shear and fatigue. 
3. Discussion on Design of Concrete Slab 
a. Plain Concrete Slab. It was assumed at the onset of this study 
that slabs of plain concrete can be placed on compressive steel bottom flanges 
to form composite compression flange panels of steel box girders. Test 
results presented earlier in this report confirmed the validity of this 
assumption. So long as a concrete slab was adequately anchored to the 
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steel plate below, the two components carried compressive forces together. 
No reinforcing steel was used in the test specimens. 
b. Strength of Concret~. The influence of the strength and weight of 
concrete has been discussed earlier through the examination of component 
stresses in the alternatively designed West Seattle Bridge. For a chosen 
bottom flange concrete slab thickness, higher strength concrete contributes to 
a bigger transformed steel bottom flange and a higher cross sectional moment 
of inertia of the box girder. 
Two different strengths of concrete were used for the segments of the 
test box girder. Box segment 2-3 and segment 3-4 had identical geometrical 
conditions and dimensions with the only difference being in the strength of 
concrete. Box segment 2-3 had a 5580 psi concrete and a higher predicted 
strength than segment 3-4 which had concrete of 3820 psi strength. Both the 
full composite strength and the local buckling strength of steel plate were 
higher for segment 2-3. Failure was by local buckling of steel plate in 
segment 3-4. 
Because the uncertainty with regard to anchor stud spacing was of 
primary concern in the examination of composite panel strength, whereas 
the influence of concrete strength was relatively better defined, the test 
panel specimens and the box girder specimen were designed with the primary goal 
of providing information on the behavior of composite compression panels under 
different arrangements of anchor studs and loading conditions. The influence 
of concrete strength was demonstrated by the use of higher strength concrete 
in box segment 2-3, as discussed above. The contribution of concrete, of 
whatever strength, to the full strength of a composite compression panel was 
demonstrated by the results of panel tests A2 and D. 
Panel test no. A2 had anchor studs spaced sufficiently close that local 
buckling of steel plate did not govern and the full compressive strength of the 
composite panel was reached in testing. The full strength included the 
contribution of concrete slab in accordance with its compressive strength, 
f'. 
c 
Panel test D also reached its full strength of composite panel. The 
applied lateral load (see fig. 56) simulated additional weight of concrete and 
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its accompanying lateral deflection of the composite panel. The attainment 
of the full strength of the~e panels (see tables 13 and 18) attests to the 
acceptability of the analytical procedure which considers the material 
strength of b~th steel and concrete. 
c. Thickness of Concrete Slab. The required thickness of the concrete 
slab in a box girder depends on the span length and geometry of the bridge. 
For the West Seattle Bridge design, an 18 in thick concrete slab on a 2 in 
thick steel bottom flange plate was used in the evaluation. The test specimens 
had 3 in thick concrete slabs on 3/8 in steel plates. The thickness ratios 
were 9 and 8 respectively. Thickness ratios of 8 to 12 appear adequate, 
judged from the results of testing. 
There are also existing requirements of concrete thickness with regard 
to stud anchorage against shear and pull out. (8 ) Together with the thickness 
ratio of concrete slab to steel plate thickness, these requirements should 
provide sufficient reference for the proportioning of concret~ slab for ihe 
composite compressive bottom flange of steel box girders. 
d. Shrinkage and Creep of Concrete. The effect of shrinkage and creep 
was briefly examined in the feasibility study by using the alternatively 
designed West Seattle Bridge. Calculations were presented for a centrally 
loaded composite panel having an 18 in thick concrete slab combined with a 
2 in steel plate. The ultimate shrinkage of concrete was estimated to be 105 
X 10-6 . j• ln ln, and the long term concrete strain was estimated to be less than 
200 X 10-6 in/in. Both of these strains were considered acceptable. 
A thinner concrete slab would experience more severe shrinkage and 
creep, thus having a more pronounced influence on the behavior of the composite 
panel. The long term deformation of the concrete could cause the composite 
panel to bend, resulting in nonuniform strain distribution in the panel. 
Calculations were carried out on a composite panel of 6 in thick 
concrete slab and 1/2 in steel plate, judged to be near the lower limit of 
practical composite compression flange for steel box girders. A concrete 
strength of 4000 psi and an initial modulus ratio of 8 were assumed. The 
bending of panel, caused by the shrinkage and creep of concrete, was 
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considered fully. The estimated ultimate shrinkage strain was 550 x 10-6 
in/in, and the long term concrete compressive strain was estimated to be 300 
x 10-6 in/in. No tensile strain in concrete was generated due to bending, 
and the concrete slab was not to separate from the diaphragms at its ends 
thus the slab was in direct bearing. 
With the condition that both an 18 in thick concrete slab on a 2 in 
steel plate and a 6 in thick slab on a l/2 in steel plate are considered 
acceptable with regard to shrinkage and creep, it is therefore reasonable to 
conclude that within the practical range of component member dimensions 
shrinkage and creep are not likely to present concerns of behavior of composite 
compression flanges. Examination of each individual case, however, is 
recommended. 
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SUMMARY AND RECOMMENDATIONS 
1. Summary of Findings 
From the analysis of sample bridges, the testing of composite panels 
and box girder segments, and the evaluation of results, the following items 
of summary can be made: 
(1) It is possible to reduce or eliminate haunches in the negative 
moment regions of continuous steel box girders by using composite compressive 
bottom flanges in these areas. Adding of composite concrete slab is 
equivalent to having a thicker bottom flange plate, thus enabling the 
reduction or elimination of haunches. 
(2) The required thickness and length of concrete slab over the 
bottom flange steel plate are influenced by the span length, by the adopted 
box girder depth at the piers and at the center of span, and by the chosen 
thickness of the bottom flange steel plate. 
(3) Because constant depth box girder bridges are simpler for 
fabrication and erection, alternative designs of two sample bridges were made 
assuming constant depth throughout the entire length of each bridge. For a 
three-span bridge with a maximum span of 590 ft and a depth of 27 ft at the 
piers, one of the alternative designs permitted a uniform depth of 16 ft with 
a concrete slab 18 in thick at the piers and tapering to zero at about 1/5 of 
the maximum span. For a five span bridge with a central span length of 450 
ft and a maximum depth of 21 ft 4 in over two piers, a unif@rm depth box 
girder 10 ft 4 in deep with 18 in maximum thickness of concrete slab was among 
the possible alternative designs. The yield strength of the steel was 50 ksi 
and the concrete strength was assumed 4000 psi in these examples. 
(4) Theoretically, for a chosen concrete slab thickness in a box girder, 
higher strength of concrete results in lower compressive stresses in the 
composite compressive bottom flange. Bearing of concrete slabs on box girder 
diaphragms, however, is essential to the development of the full strength of 
the composite compression flange. Results from testing box girder segments 
showed, however, that the higher concrete strength was not fully utilized if 
the concrete slab was not in directed bearing. 
(5) The procedures of construction and erection can have very strong 
influence on the utilization of strength of the composite compressive bottom 
flange. Cast-in-place concrete slab requies sufficient strength of bare 
bottom flange steel plate to resist in-plate compressive stresses and out-of-
plane plate bending stresses due to wet concrete. Precast concrete planks 
can be attached before erection or attached on-site to form the composite slab; 
the former provides strong box girder segments for transportation and erection 
and both procedures require grouting. The selection of a procedure obviously 
depends upon the geometry and location of the bridge as well as the capability 
of the fabrication and construction team. 
(6) Shrinkage and creep may result in a gap between a concrete slab and 
the transverse member (diaphragm or stiffener) .at the end of slab. 
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Evaluation of the alternative design of one sample bridge and the design of 
one practical thin composite panel showed that shrinkage and creep did not 
govern. 
(7) The use of lightweight concrete had very little effect on the 
total weight of the sample bridge. The lower modulus of elasticity of the 
lightweight concrete resulted in smaller cross sectional area of equivalent 
steel flange plate and correspondingly higher compressive stresses in the 
composite flange. 
(8) By assuming wide ranges of unit costs for fabricated steel and 
concrete, it was found that the total cost of the alternative design for each 
of the two sample bridges was lower than the original design. Therefore, it 
is analytically possible and economically feasible to eliminate haunches or to 
strengthen the negative moment region of continuous box girders by using 
composite compression flanges. 
(9) There is no readily available closed-form analytical solution for 
steel plates subjected to in-plane compression and out-of-plane bending 
simultaneously. The evaluation of strength of the bottom flange steel plate 
during erection and construction is therefore quite complicated and approximate. 
Caution must be taken in this regard. 
(10) The strength of composite compression flange depends on the end 
conditions of the concrete slab. The slab may or may not be in bearing with 
the diaphragms or transverse stiffeners at the ends. The corresponding 
loading conditions for the compnsite compression flange are either concentric 
or eccentric loads, respectively. 
(11) The first row of concrete slab anchors on the steel flange plate 
may be placed at or near the ends of the slab, or at a short distance away 
from the end. In the latter case, if the concrete slab is not in bearing, the 
steel plate alone carries the total compressive flange force in that region. 
(12) Tests were conducted on box girder segments with the concrete slab 
not in bearing and not anchored to the steel plate near the ends of the slab. 
Failures were by local buckling of the steel flange plate between the first 
row of anchors and the end of the slab. 
(13) Tests were conducted on composite flange panels with concrete 
slab not in bearing but with equivalent anchors at the ends of the slab. 
Failure was by cracking of concrete slab. The composite compression panels 
were subjected to eccentric load causing bending of the composite panel toward 
the concrete-slab. 
(14) For composite compression flange panels with concrete slabs in 
bearing, the strength of the flange panel depends on the spacing of concrete 
slab anchors. Small spacing between two transverse rows of anchors prevents 
local buckling of steel plate and permits development of full strength of the 
composite flange panel. 
(15) The test specimens had 48 in wide panels with 3/8 in thick flange 
plates and 3 in thick concrete slabs. The anchor studs were 2- by l/2-in 
arranged in different longitudinal spacing (pitch) and transverse distances 
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(gage length). Failure of compression flanges was predominantly by local 
buckling between two rows of anchor studs. In two cases the ultimate strength 
of yielding the steel plate plus crushing the concrete slab was achieved. 
The failure modes were consistent with the predicted results. 
(16) The strength of composite compressive flanges as governed by 
local buckling can be predicted approximately. The steel plate between two 
rows of anchors is considered simply supported at the boundaries. The lateral 
force of the concrete slab weight on the steel plate is not considered 
applicable between two rows of anchors because the concrete does not buckle 
with the steel plate. In all cases of test, the strength from testing was 
reasonably above the predicted values. 
(17) The full strength of composite compression flange panel is 
dependent upon the strength of the concrete and the thickness of the slab. 
For a chosen concrete slab thickness, higher strength concrete contributes 
to a bigger transformed steel bottom flange and a higher cross sectional 
moment of inertia of the box girder. The resulting stresses in the composite 
flange is lower. 
(18) The relative thickness of the concrete slab to the steel plate was 
about 8 and 9 for the test specimens and an alternatively designed bottom 
flange of a sample bridge respectively. A thickness ratio of 8 to 12 appears 
to be adequate. 
(19) There was little transfer of forces between steel plate and 
concrete in the test specimens.. The studs for anchoring the concrete slab 
appeared to be also sufficient for shear between the steel plate and the 
concrete slab. The approximately uniform distribution of stresses in the 
bottom flange steel plates confirmed the effectiveness of the anchored concrete 
slab in strengthening the stee1 pl!ate. 
(20) No fatigue test was planned or conducted. The anticipated low 
shear stresses at the anchors were not expected to cause any problem from 
fatigue. 
2. Recommendations 
Based on the results from analysis and testing, the following are 
recommended: 
(1) That new rules and guidelines be introduced in design specifications 
to permit the use of composite compression flanges in negative moment region of 
continuous steel box girders. 
o The thickness and length of concrete slabs of composite compressive 
bottom flanges should be determined by analyzing the bridge assuming 
full participation of the concrete slabs. Ordinary or high strength 
concrete can be used with appropriate consideration of the strength 
and modulus ratio in calculating the transformed steel flange area. 
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o The ratio of concrete sl~b thlckness to steel flange plate thickness 
should be in the range of 8 to 10. The existing requirement of 
minimum thickness of concrete above anchor studs and the pullout 
strength of studs should be considered in determining concrete 
thickness. 
o The concrete slab should be anchored to the steel flange plate by 
stud connectors. The maximum anchor spacing, a, in the longitudinal 
direction of the box girder should be calculated by the equation: 
a = 5120t < 24 in 
IF y 
in which t is the thickness of the steel flange plate. The first two 
anchor spaces at the ends of concrete slabs should not be more than 
half of the space calculated by this equation. The transverse 
distance between two longitudinal lines of anchors may be twice that 
of this computed value but not more than 24 in. These recommended 
rules are presented in specification language in the Appendix. 
o The concrete slab should be of full length of the steel flange plate 
between box girder diaphragms and of full width between the webs of 
the box girder. The ends of the concrete slab should be in contact 
with the diaphragms. 
(2) That additional research be conducted to examine further the 
unanswered questions revealed by this study, and to explore new applications. 
o Additional analytical studies are suggested to confirm the adequacy 
of concrete anchors in carrying shear between the concrete slab, 
and the steel flange plate. Also, more examination is recommended 
to confirm the adequacy of fatigue strength. 
o More extensive analytical and experimental studies are needed on the 
effects of shrinkage and creep of concrete on the behavior and 
strength of composite compression panels. 
o Field measurements of stresses and displacements are needed of a 
bridge which has a composite compression flange or has a compressive 
bottom flange strengthened by a concrete slab. 
o Investigation is suggested on the possibility and advantages of 
applying concrete slabs to horizontally curved steel box girders. 
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Table 1 Dimensions of Original Design 
BRIDGE WEST S!Al"l'LE COLUMBIA RIVEB. TENNESSEE TOMBIGBE~ BlliDGE BIUDGE WATERWAY 
Haunched Haunched Constant Depth 
TYPE TviD Rectanaular Box Sinal• Trapezoidal Box ~n Trapezoidal Box 
( Twin cella ) 
L SPANS 375'- 590' -375' 310'-400'-450'-400'-310 200'-420'-200' 
Dp DEPTH 27' 16' ' 21'-4" 12'-6" AT PIER. 
DEPTH AT 
D CEN'l'Ell 12'-6" 10'-4" 12'-6" 
c OP SPAN 
Bb 
WID'l'H OF 
BOn' OM 240" 178.5" each cell 66" 
FLANGE 
T WEB PLATE 1 " l " 3 II l" w - 1" 
--THICKNESS 8 2 4 2 
BOTTOM 1 
_2, .. 
-1.!." l " Tb PLATE " - 2" - 2" 
THICKNESS 2 16 2 8 
·-
LONGITUDINAL 
STIFFENERS 6- ST lOx 47.5 10 WT 8}f28.5 2- WT shape 
AT PIER varies in size 
DIAPHRAGM 14'-9"• 177" 24'-9"• 297" 25'• 300" SPACING 
67 
Table 2 Trial Designs, West Seattle Bridge 
I· L =375 1 --------~4---- L =590 1 1 2 
I • E (Ll) • I • F (12) •I 
D I Tc I 'fh Number c E F pier ! center a- a+ Comments 
Original Haunched Section 
Design 12.5 1 - 27 1 211 7/8 11 32.7 47.9 LFD 
1 12.5 1 - - - 2.5 11 1.511 53.2 52.6 > Fy 
2 16 1 - ' - - II II 41.4 40.7 
3 19 1 - - - II II 36.2 34.1 
4 12.5 1 - - - II 111 54 66.8 > Fy 
5 16 1 II II 42 51.2. > Fy - - -
6 19 1 - - - II II 35.4 42.4 
I 
7 12.5 1 1.5 I 0.3 0.2 II 1.5 11 34.4 50.4 > Fy I 
8 14 1 II II II II II 30.6 44.8 l 
9 16 1 II 0.62 0.3125 211 111 30.8 47.8 I 
! 10 16 1 II 0.4 0.25 II 1. 5 II 29.8 39 I I 
11 16 1 II 0.3 0.2 II II 29.4 39.3 i I 
12 15 I 1.5 I 0.62 0.3125 211 111 32.9 51.3 > Fy l I 
I 
I 13 15 1 II 0.4 0.25 II 1. 511 31.9 41.6 I 
I 14 15 1 II 0.3 0.2 II II 31.5 42 
I 
I 15 116 1 1.5 I 0.4 0.25 211 111 30 48.3 i I 
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j 
1-~--11= 310' 
D 
c 
Table 3 Trial Designs, Columbia River Bridge 
12=400' --------~~-
T 
c 
13=450' 
I· K(11) ·I· G(12) ·I I• FC12) •-!-• E(13) -1 
Number D I Tc I E I F I G K T~ (at L3L2) c p er center a-
Orig. Haunched Section 
Desien 10.3;3' - 16' - 21.33 I 1. 5" 5/811 38.8 
1 10.33' 2' 0.298 0.335 0.235 0.303 II II 36.2 
2 12' II If, II II II II II 30.4 
3 10.33' II 0.2 0.225 0.16 0.2 II 1" 35.2 
4 12' II " II II " II " 29.5 
5 10. 33' II " II II II 2:11 II 32 
6 12' " " II " " II II 26.9 
7 10.33' 1.5' 0.298 0.335 0.235 0.303 1.5 11 5/8" 38.5 
8 12' II " II II II II II 32.6 
9 10.33' II 0.2 0.225 0.16 0.2 II 1" 37.6 
10 12' II II " II II " II 31.8 
11 10.33' II " II II II 211 II 33.8 
12 12' II " " II II II II 28.7 
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! 
a+ Comments 
41.5 LED 
48.8 
41.5 
45 
38.6 
44.4 
38.2 
49.2 
41.9 
45.3 
38.9 
44.6 
38.4 
Table 4 Dimensions of Alternative Design 
BRIDGE WEST S EA'l"l'LE COLUMBIA RIVER BRIDGE BRIDGE 
Constant Pepth Constant Depth 
TYPE Twin Rectaugular Box Single Trapezoidal Box 
( Twin cell ) 
L SPA."iS 375'-590'-375' 310'-400'-450 1 -400 1 -310 1 
D DEPTH OF BOX 
c 16' 10
1
-411 
Bb 
WIDTH OF 24011 178.5 11 each cell BOTTOM FLANGE 
T WEB PLATE 1 II - 111 l II 3 II 
--w THICKNESS 8 2 4 
Tb 
BOTTOM PLATE 1 l II 
- 211 111 - 1 l II THICKNESS 2 2 
LONGITUDINAL 
STIFFENER AT PIER No stiffener needed No stiffener needed 
DIAPHRAGM SPACING 14 1 -9 11•177 11 24'-911•297 11 
CONCRETE 1 1 -6 11 1'-611 
THICKNESS AT PIER 
CONCRETE LENGTH 112 I t 118 I 62 I t 64 I t 90 I t 90 I 
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Table 5 Trial Designs, Tennessee Tombigbee Waterway Bridge 
1- 11=200 1 + 12=420 1 
Number 
Origina 
Design 
1 
2 
3 
4 
5 
6 
7 
8 
9 
I~ E(11). 1 • F(12) .-I 
T 
c 
D T 
c c E F 
Constant depth section 
DC = 12.5 1 
12.5 1 11 0.49 0.3 
" 
21 " " 
" - - -
" 
11 0.49 0.3 
" 
2 I 
" " 
" 
31 " " 
10 1 11 " " 
" 2 I " " 
" 
31 " II 
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Th 
a- o+ 
pier center Conunents 
2" 1. 375" 39.8 40.7 1FD 
" " 29 39 
" " 25.1 38.5 
1" 1" 86.3 68.9 > Fy 
" " 45.7 62.1 > Fy 
" " 35.5 60.1 > Fy 
" " 32.2 59.6 > Fy 
" " 59 82.3 > Fy 
" " 46.6 80 > Fy 
II 
" 43.6 i 79.6 > Fy 
I 
. Table 6 Effects of Concrete Strength and Weight 
West Seattle Bridge 
f. I 
n we (J_ cr. Case c (ksi) _(lb/ft1) (kSi) (ksi) 
Original 
- - - 32.7 47.9 
Trial 4 8 150 29.4 39.3 
1 1 6 6.5 150 26.8 38.8 
4 11 120 32.9 39.5 
•6 9 120 30.7 39.4 
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Table 7 Bottom Flange Stresses Due to Weight of Steel Boxes 
16' 
~ss t::Pt~TenL ~ A B 
1 1 .1 
2 2.9 1.1 
3 2.9 
4 
5 
6 
7 
8 
9 
crane load sok 
--------------~ 
<t 
I 
I 
I 
I 
I 
c D E F G H I 
1.2 
3.1 1.2 
2.9 1.5 
3.8 1.5 
3.8 1.4 
3.3 1.3 
3.4 1.3 
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Table 8 Bottom Flange Stresses Due to Weight of Steel Boxes and 
Wet Concrete 
crane load 80 k 
----------------
16' 
~ t::.P1 A B c D E F G H 
1 
2 3.1 
3 3. 
4 3.2 
5 2.9 
6 
7 
8 
9 
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TABLE 9 COMPOSITE FLANGE STRESSES DURING CONSTRUCTION 
16' 
~ss 
t::rs.')TenL ~ A B 
1 
2 1.8 
3 3.5 2. 
4 5.4 3.8 
5 7.4 5.8 
6 9.7 8.2 
7 12.2 10.8 
8 15.1 13.8 
9 18.2 17.3 
crane load sok 
---------~------. 
<t 
I 
c D E F G H I 
2.6 
4.6 2.7 1.5 
7.1 5. 3.8 1.5 
10. 7.9 5.4 3.8 1.4 
13.5 11.3 11.1 6.9 3.3 1.3 
17.5 15.3 16. 11. 6.9 3.4 1. 3 
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TABLE 10 COST COMPARISON FOR BRIDGE SUPERSTRUCTURE (WEST SEATTLE BRIDGE) 
Steel Unit Concrete Unit Concrete : Unit Cost of TOTAL 
Weight Price Cost of in Flange Price in Pier Price Concrete COST 
CASE (Kips) ($/Kip) Steel($) (yd3) ($/yd3) (yd3) ($/yd3) (~) ($) 
old 3000 21,810,000 . 21, 810·, 000 7270 - - - - -
1 design 
new 2500 17,567,500 170 100 150 19,550 17,587,050 design 7027 17 
--
old 18,175,000 18,175,000 7270 2500 - - - - -
2 design 
new 14,054,000 design 7027 2000 170 100 17 150 19,550 14,073,550 
old 18,175,000 18,175,000 7270 2500 - - - - -
3 design 
new 7027 17,567,500 design 2500 170 100 17 150 19,550 17,587,050 
old 7270 14,540,000 14,540,000, 2000 - - - - -
4 design 
new I 
design 7027 2000 14,054,000 170 100 17 150 19,550 14,073,550 
old 7270 14,540,000 14,540,000 design 2000 - - - - -5 
new 7027 10,540,500 170 100 17 150 19,550 10,560,050 design 1500 
old 7270 10,905,000 design 1500 - - - - - 10,905,000. 6 
new 
' 
design 7027 1500 10,540,500 170 100 17 150 19,550 10,560,050 
old 7270 10,905,000 design 1500 - - - - - 10,905,000 7 
new 7027 7,027,000 170 100 17 150 19,550 7,046,550 design 1000 
' -
old 7270 7,270,000 ~ 7,270,000 1000 - ;.. - - -
8 
design 
' new --
des~gn 7027 1000 7,027,000 170 100 17 150 19,550 7,046,550 
-
TABLE 11 COST COMPARISON FOR BRIDGE SUPERSTRUCTURE (COLUMBIA RIVER BRIDGE) 
Steel Unit Cost of Concrete Unit Concrete Unit Cost of TOTAL 
CASE Weight Price Steel in Flange Price in Pier Price Concrete COST (Kips) ($/Kip) ($) (yd3) ($/yd3) (yd3) ($/yd3) ($) ($) 
old 7093 3000 21,279,000 21,279,00C - - - - ~ 
1 design new 7196 2500 17,990,000 170 100 117 150 34,550 18,024,550 design 
old 7093 2500 17,732,500 17,732,500 design - - - - -2 
new 7196 2000 14,392,000 170 100 117 150 34,550 14,426,550 design 
old 7093 2500 17,732,500 17,732,500 design - - - - -3 I new 7196 2500 . 17' 990,000 170 100 117 150 34,550 .18,024,55C design 
old 7093 2000 14,186,000 . :14,186,000 design - - - - -4 new 7196 2000 14,392,000 170 100 117 150 14,426,550 design 34,550 
·-I 
old 
design 7093 2000 14,186,000 - - - - -
14,186,000 
5 ' new 7196 1500 10,794,000 170 100 117 150 10,828,550 design 34,550 
.-
old 7093 1500 10,639,500 10,639,500 design - - - - -6 new 7196 1500 10,794,000 170 100 117 150 10,828,550 design 34,550 
old 7093 1500 10,639,500 10,639,500 design - - - - -7 --new 7196 1000 7,196,000. 170 100 117 150 7,230,550 design 34' 550 
old 7093 1000 7,093,000 7,093,00G design - - - - -8 new 7196 1000 7,196,000 170 100 117 150 7,230,55C design 34 '550 
Table 12 Composite Panel Specimens 
Panel Specimen A B c D 
Test Panel Dimensions 60- by 48 in 
Steel Plate Thickness 3/8 in 
Edge Plates 4 in by 3/8 in all around 
Concrete Thickness 3 in 
Anchor Studs 1/2 in dia. by 2 in 
Concrete Strength (psi) 
Design 4000 
Measured 4550 4220 4480 3730 
Steel Yield Strength (ksi) 
Design 36 
Measured 46.0 32.3 45;.3 42.1 
Anchor Stud Spacings (in ) 12 b.y 12 24 by 24 12 by 24 16 by 16 
Lateral Support Spacing (in ) 48 48 24,32,48 48 
Lateral Load No No No Yes 
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Table 13 Limit State Loads of Composite Panels 
Test Al A2 Bl B2 Cl-1 
steel steel steel steel steel 
Load & & on 
cone. cone. 
Lat. Sup. Spacing (in.) 48 48 48 48 48 
Initial Yielding(l)(2) 830k. 
--
830 
--
830 
k 
Cracking of Concrete 200 
--
200 
--
200 
Full Strength(3) 
-- 1160 
--
1160 --
Buckling between two( 4) 520( 5) 1040 180(5 ) 360 520(5) 
rows of anchors 
Buckling between 1100 2200 290 580 540 
four studs 
Notes: (1) First yield of steel plate in composite panel 
k (2) Yielding of steel plate alone without concrete slab, 675 
Cl-2 
steel 
32 
830 
200 
--
600( 5) 
1450 
Cl-3 C2 D 
steel steel steel 
& & 
cone. cone. 
24 48 48 
830 
-- --
200 
--
--
-- 1160 1160 
720 (5) 1.040 640 
2200 1080 1300 
(3) Strength of direct compression of composite panel, yielding of steel plate (without buckling) 
and crushing of concrete. 
k (4) Buckling of steel plate alone without concrete slab 290 
(5) Assuming steel plate alone carries load 
00 
0 
Table 14 Predicted and Observed Strength of Composite Panels 
Test Al A2 Bl B2 Cl-1 Cl-2 Cl-3 
Load on steel steel steel steel steel steel steel 
& cone. & cone. & cone. 
Lateral Sup)ort 
Spacing (in 48 48 48 l~8 48 32 24 
Predicted 520 1040 180 360 520 600 720 
Strength (kips) 
Max. Test 300 1170 430 lOOO(l) 800 840 845 
Load (kips) 
Failure -- Crushing -- (2) Local Cracking -- (2) --
Mode and Buckling and 
Yielding and Yielding 
Crushing 
(1) Local buckling at 600k 
(2) Cracking of concrete at max. load 
C2 D 
steel steel 
& cone. & cone. 
48 48 
1040 640 
500 1250 
(2) Local --
Buckling, 
Crushing 
Table 15 Box Girder Specimen Design and Material Properties 
1 2 3 4 5 6 
Box Segment 2-3 I 3-4 4-5 5-6 and 1-2 
Steel Yield Strength (ksi) I 
1 in plate (top flange) 34.9 
3/8 in plate (all other) 42.7 
Concrete Strength (psi) 5580 3820 3820 4100 
Bottom Flange Design: 
Panel Dimension (in).· 72 by 48 I 109 1 I 2 by48 
Steel Plate Thickness (in) 3/8 
Concrete Thickness (in) 3 
Anchor Spacing (in) 16 by 16 
Concrete Slab In Bearing No Yes No No 
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Table 16 Summary of Box Girder. Specimen Failure Tests 
2 3 4 
Test 3 4 1 
Test Segment 2-3 2-3 3-4 3-4 
Concrete Slab Not bearing Bearing Not Bearing 
Failure Location 2 2-3 3-4 4 
Predicted Failure 
Moment (k-ft) 2290 2400 2220 2290 
Observed Failure 
Moment (k-ft) 2580 2840 3415 2420 
Failure Mode Buckling of Steel Plate 
(1) (2) (2) I (1) I 
Note: 
(1) Buckling upward between diaphragm and first row of studs 
(2) Buckling downward between two rows of studs 
-82 
5 
2 
4-5 
Not Bearing 
5 
2290 
3010 
(1) 
l 
2.. 
f 
j. 
! 
Table 17 Predicted Failure Moment of Box Segments 
1 2 3 4 5 6 
Test 2-3 3-4 4-5 
Box Segment 
Concrete Slab 
• In Bearing X 
• Not in Bearing X X X 
Bottom Flange 
Failure (l) 5290 k-ft 4820 k-ft 
-Steel Plate Buckling 
Between Rows of 2400 2220 
Stud Anchors (2) 
Steel Plate Buckling 
Near Diaphragm 
• Concrete in Bearing 3910 3610 
• Concrete Not in Bearing (3) 2290 2290 
Local Buckling 
Between Four Studs 4860 4490 
Notes: (1) Full strength of composite bottom flange in compression 
(2) Buckling of bottom flange alone without concrete: 540 k-ft 
(3) Assuming steel plate alone carries load 
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Table 18 Strength of Composite Compressive Bottom Flange Panels 
Predicted 
Group Test No. Strength Test Results Test/Pred. Mode 
Partial Box 1 2290k-ft. 2420k-ft 1.06 Local buckling 
Length 2 2290 3010 1. 31 of steel plate 
Composite 3 2290 2580 1.13 (upward) 
Full Panel Bl (200) 180k 430k (2.15) 2.39 Cracking of 
Length Cl-1 (200) 520 800 (3.64) 1.54 concrete 
Composite Cl-2 (200) 600 840 (3. 82) 1.40 slab 
Cl-3 (200) 720 845 (3.84) 1.17 
Panel A2 (1040k) 1160k 1170k (1.13) 1.01 Yielding of steel & 
crushing of concrete 
(end) 
600 (l) (1000) 1.67(2. 78) Local buckling of Concen- B2 360 steel plate (out-
(640) 1160 (1.95) 1.08 ward) and crushing trically D 1250 of concrete 
Loaded 
2400k-ft 2480(1)(2840) 1.03(1.18) Local buckling of Box 4(2-3) steel plate (down-
4 (3-4) 2730(l)(3415) 1.23(1.54) ward) and crushing Box 2200 of concrete 
(1) observed local buckling 
84 
Table 19 Anchor Spacing and Test Results 
Group Test No. Anchor Spacing Failure Mode 
Between Rows At End 
Partial Box 1 16 in 12 in Local buckling 
Length 2 16 12 (upward) at 
Composite 3 16 12 end of panel 
Full Panel Bl 24 6 Cracking of 
Length Cl-1 12 6 concrete slab 
Composite Cl-2 12 6 
Cl-3 12 6 
Concentrically Panel A2 12 6 Yielding and crushing 
Loaded B2 24 6 Local Buckling 
D 16 6 (outward or 
Box 4 (2-3) 16 12 downward) at 
4 (3-4) 16 12 middle of panel 
85 
36,000 
50,000 
100,000 
Table 20 Anchor Spacing Requirement 
a/ t (3) 
F y 
Between Rows (1) For 1st and 2nd Row of Anchors 
psi (27) 24 (13) 
psi 23 11 
psi 16 8 
Notes: 
(1) a 5120 -=--t ffy" 
a < 24 in. 
(2) a 2560 - = t fly 
a < 12 in. 
(3) Transverse distance between two longitudinal lines of 
anchors < 2a < 24 in. 
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Figure 34 Strain Gage Locations - Specimen A 
Figure 35 Failed Panel Specimen - Test A2 
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Figure 41 Longitudinal Strains - Test Bl 
f-
N 
00 
) 
® 
® 
-0.60 
p 
@ 
@ 
~------ +o 
-().40 
P( kips) 
1000 
-Q20 
o (inches) 
Figure 42 Lateral Deflection - Test B2 
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Figure 43 Buckled Steel Plate - Test B2 
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Figure 44 Crushing o{ Concrete - Test B2 
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Figure 46 Longitudinal Deflections - Test B2 
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Figure 47 Conditions of Testing - Specimen C 
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Figure 48 Longitudinal Strains - Test C2 
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~igure 53 Failed Panel Specimen - Test Cl-1 
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Figure 54 Cracking of Concrete - Test C1-1 
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Figure 55 Testing of Panel Specimen D 
141 
p (kips) 
Figure 56 
0.1 0.2 
~ (inches) 
Lateral D - Test D eflections 
0.3 
1250~~---------------------~ 
1000 
P (kips) 
500 
p 
0~~--~----~--~~--~----~----
0 0.05 0.10 
o (inches) 
Figure 57 Longitudinal Shortening - Test D 
Figure 58 Buckled Steel Plate of Specimen D 
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Figure 62 Box Girder Specimen in Test Machine 
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Figure 63 Support Locations and Moment Diagrams of Box Girder Specimen Tests 
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Figure 64 Roller Support and Dial Gages 
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Figure 65 Strain Gages - Box Girder Specimen 
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Figure 66 Yield Lines of Buckled Flange - Test 1 
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Figure 67 Load-Deflection Relationship - Test lA 
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Figure 69 Strain Distribution in Box Section - Test lA 
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Figure 70 Yield Lines of Buckled Flange - Test 2 
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Figure 11 Cracks in Concrete Slab - Test 2 
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Figure 72 Load Deflection Relationship - Test 2 
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Figure 73 Strain Distribution in Box Section - Test 2 
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Figure 74 Load Deflection Relationship - Test 3 
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Figure 76 Load Deflection Relationship - Test 4 
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Figure 78 Yield Zones Around Flange Buckle of Segment 3-4 - Test 4 
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Figure 79 Small Cracks in Concrete Slab of Box Segment 3-4 - Test 4 
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Figure 80 Buckled Box Girder Web, Box Segment 3-4 - Test 4 
Figure 81 Yield Lines of Buckled Web, Box Segment 3-4 - Test 4 
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Figure 82 Bottom Flange Buckle Between Rows of Anchors, 
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Figure 83 Buckled Bottom Flange of Box Segment 2-3 - Test 4 
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Figure 84 Yield Lines on Web, Box Segment 2-3 - Test 4 
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Figure 85 Yield Lines on the Other Web, Box Segment 2-3 - Test 4 
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~igure 86 Cracks in Concrete Slab, Box Segment 2-3 - Test 4 
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APPENDIX 
A. Proposed addition to AASHTO Standard Specifications for Highway 
Bridges. 
10.39 Composite Box Girders 
10.39.4 Design of Bottom Flange Plates 
10.39.4.6 Composite Compression Flanges 
10.39.4.6.1 Concrete slab may be anchored to the steel bottom flange 
plate to form a composite compression flange. Anchorage shall be provided by 
anchor studs or other mechanical connectors. 
10.39.4.6.2 The concrete slab on the bottom flange plate shall extend 
full length between transverse diaphragms or stiffeners, and full width 
between webs. 
10.39.4.6.3 The design of the composite compression flanges, and the 
computation of stresses therein, shall be based on the concept of transformed 
cross-section, employing the modular ratio of the concrete and steel materials. 
10.39.4.6.4 The minimum clear depth of concrete over the tops of 
anchor connectors shall conform to the requirements of Article 10.38.2. 
10.39.4.6.5 The spacing of stud anchors, a, in the l~ngitJdinal 
direction shall not exceed the value determined by the formula: 
a = 5120t < 24 in. 
iF y 
(10-xx) 
Where t is the thickness of the steel flange plate. Near the ends of 
a concrete slab in a composite flange panel, the first two spaces between rows 
of anchor studs shall be limited to half of the value computed by Eq. 10-xx, 
with a maximum distance of 12 in. The transverse distance between longitudinal 
lines of anchor studs may be twice of the value by Eq. 10-xx, but not more 
than 24 in. 
10.51 Composite Box Girders 
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10. 51.5 Compression Flanges 
10.51.5.6 Composite Compressive Bottom Flanges 
The conditions and provision of Article 10.39.4.6 for the allowable 
stress design method are also applicable here for the load factor design 
method. 
B. Commentary on Proposed Article 10.39.4.6 and 10.51.5 
10.39.4.6.1 Concrete slab anchored to the steel bottom flange plate 
can act compositely with the steel plate to form a composite compression 
flange. The strength of the compression flange is increased from that of 
overall buckling of the steel plate to that of local buckling of the plate 
between rows of anchors. 
10.39.4.6.2 If the concrete slab is not in bearing at its ends, the 
composite compression flange is subjected to eccentrical load with respect to 
its centroidal plane. Full length slab in bearing permits direct transmittal 
of forces into the slab and its direct participation in resisting compression. 
Full width slab is also specified so as to provide restraint along the flange-
to-web junction. The thickness of the concrete slab is to be determined 
through the analysis of bridge bending moments and compressive stresses in 
the steel flange plate. 
10.39.4.6.3 The analysis and design of the box girder with composite 
bottom flange should be made on the basis of transformed cross section where 
the two materials are converted into one by means of modular ratios as 
specified in Article 10.38.1.2 and 10.38.1.3. 
Dependent upon the fabrication and erection procedures, the critical 
stress condition in the composite box section may occur at a stage before 
the completion of the bridge construction. Appropriate considerations must 
be given to these early stage conditions, such as: (1) bare steel plate 
bottom flange supporting the weight of fresh concrete, (2) bare steel plate 
bottom flange supporting partial bridge weight and fresh concrete in 
segmental construction. 
175 
10.39.4.6.4 A minimum thickness of concrete is specified, similar 
to that for composite I-beams, in order to provide anchorage between the 
concrete and steel. 
10.39.4.6.5 The limit for stud anchors spacing is derived on the 
basis that local buckling between two transverse rows of stud anchors will 
not occur prior to yiedling of the steel plate. The maximum spacing of 24 
in. is imposed because no distance of more than 24 in. existed in test 
specimens of the study leading to this rule. An end space of half the value 
from Eq. lO.xx is specified to cover uncertainties such as the bearing of 
concrete slab and the condition of splice plates in thi~ area _for field 
connections. In all cases, direct bearing of the slab at its ends is 
recommended. 
10.51.5 See commentary for 10.39.4.6. 
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